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Executive Summary

This report expands a previous study developing seismic criteria for Navy wharves
to include Navy piers. Wharves are structures which are composed of a deck supported
by a substructure composed of piles and a dike. The presence of the sloping dike causes
the supporting piles to have varying unsupported lengths between the deck and the dike.
Generally the row of piles most landward is the shortest and has the majority of the lateral
resistance. The relatively short length of these piles makes it relatively easy to achieve
required levels of lateral resistance. Piers are structures composed of a deck on free
standing piles. Generally pier piles have large unsupported lengths of about 50 feet which
makes achieving lateral resistance more difficult. To develop appropriate seismic criteria
for piers it is necessary to understand the strength and ductility of piles especially
prestressed concrete piles which are most often used. While the pier criteria is expressed
in a few numbers relating earthquake return times and ductility limits, it should be
recognized that a substantial amount of effort went into developing these numbers as is
shown in the Supporting Technology.

The report is composed of two sections; the design criteria is presented first and is
then followed by an extensive supporting technology. The criteria gives performance
requirements, design earthquakes and required structural response. It is thought that the
criteria is well defined, easy to implement, and will achieve a uniform and acceptable level
of structure performance. It is thought that the implementation of this criteria will
upgrade structure performance but not add appreciably to the construction cost.

The supporting technology cites the behavior of waterfront structures in previous
earthquakes and reviews applicable codes. A discussion of the structural dynamics of piles
is presented developing the concepts of curvature and ductility which are the essence of
the criteria. A discussion of soil properties and procedures for computing soil lateral force
is given. Pile cap and anchorage techniques are discussed. The supporting technology
presents an analysis of a single pile and the analysis of a typical pier for several concepts of
achieving lateral force resistance, including seismic isolation of the pier deck. The
isolation of the pier deck offers a potential to achieve high levels of lateral force resistance
improving the survivability of the pier against the maximum credible earthquake.

The criteria presented herein is developed from a compilation of current practice
by many agencies combined with state-of-the-art technology for estimation of seismic
damage potential. It is not a revolutionary step forward but rather an evolution of design.
Currently the Navy has used technology contained in DM 1025/1, NAVFAC P355.2 and
the AASHTO Code for the design of wharves and piers. The supporting technology shows
the design of a pier is a major soil-structure interaction problem and the need for realistic
nonlinear representation of soil forces. Prior to this specification we did not have a
definition of required pier/wharf performance, nor of the structural response parameters
such as ductility to achieve the required level of performance under the assigned load. This
specification has developed a cohesive integrated criteria specifying:



The required pier performance under expected loads

Specification of the expected loads

Specification of ductility limits to ensure structural response limits to achieve
performance requirements.

whn P

The criteria reduces the Level 2 earthquake from the 950-year earthquake
specified in NAVFAC P355.2 for essential buildings to the 475-year earthquake ground
motion. This is important because we have reduced the ground motion substantially. In
the San Diego area, for example, the ground is reduced from 0.6g to 0.4g. But of much
more significance we can predict the 475- return time ground motion with greater
reliability than the 950-year event. This translates into a significant reduction in the 95
percent confidence bounds on the estimated motion. We have shifted the criteria points
into regions where we can predict loads with greater reliability and also predict structural
response with greater reliability. This translates into a significantly more predictable
system. This was suggested by the reliability analysis performed on a typical Navy wharf
as an early part of this effort, Putcha and Ferritto (1995). That work was significant in
defining the major areas of uncertainty and shaped the direction for the criteria.

The overall effect on the design, selection of pile sizes and cost of the pier is not
expected to be great; however, the assurance in meeting performance goals is thought to
be substantially enhanced.

In the application of this criteria to existing construction, it is thought that the
objective of a uniform set of performance goals should be maintained across the
waterfront. We should examine the structure under the requirements of the criteria.
Where we lack adequate capacity in the existing system, it is thought better to strive for
the performance goal, develop several candidate upgrade alternatives, and then perform
an economic analysis to determine what is the most cost effective solution considering the
potential for a damaging earthquake and the existing lateral force system. This approach
is preferred over any system which arbitrarily establishes some percentage reduction of a
new-construction criteria. Any single reduction coefficient is probably not optimal over a
range of structures and is at best arbitrary.
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Criteria For Seismic Design Of Navy Piers and Wharves

Performance Goal

The goal of this criteria is to standardize the seismic design of Navy piers and
wharves providing an acceptable uniform level of seismic safety for all waterfront
locations. This criteria is intended to produce a level of design in Navy piers and wharves
such that there is a high probability the structures will perform at satisfactory levels
throughout their design life. Specifically for structures located in areas of high seismicity,
such as Uniform Building Code designated Seismic Zones 3 and 4, structures shall be
designed:

To resist earthquakes of moderate size, Level 1, which can be expected to occur one
or more times during the life of the structure without structural damage of
significance.

» To resist major earthquakes, Level 2, which are considered as infrequent rare events
maintaining life safety, precluding total collapse but allowing a measure of controlled
inelastic behavior which will require repair.

* To preclude release of hazardous and polluting materials such as with fuel piers.

» To utilize life-cycle cost analysis where necessary. Since piers and wharves are not
like high occupancy building structures which can collapse on occupants, loss of life is
a less significant design issue. At times the seismic hazard is dominated by a large
active fault in close proximity to a proposed wharf location. In such cases the designer
shall consider structure life cycle economics in selection of design loading and
structural performance criteria. Life cycle cost analysis shall consider initial costs of
seismic strengthening and expected facility damage and loss over the expected
operational life.

» To consider liguefaction as a major waterfront problem. The designer shall consider
liquefaction factors of safety in design of remedial measures of backfill. Rigid
adherence to developing fixed factors of safety may not be economically achievable.
Assurance of limited deformations shall be given precedence over a factor of safety.
The designer shall have the option of using current technology to demonstrate that
settlements and lateral deformations are sufficiently limited to insure structural
performance and factors of safety lower than limit values may be used.

In general all waterfront construction falls within the category of essential construction.
The Navy policy is to minimize downtime for these facilities. Determination of essential
construction shall be determined by the user in conjunction with the Naval Facilities
Engineering Command Headquarters. Piers and wharves shall be considered essential
construction.



Design Earthquakes
The pier or wharf structure shall be designed to resist the loading produced by:

» A Level 1 earthquake with a 50 percent probability of exceedance in 50 years
exposure.

* A Level 2 earthquake with a 10 percent probability of exceedance in 50 years
exposure.

» Additionally piers and wharves which are part of fueling systems shall be evaluated for
an earthquake with a 10 percent probability of exceedance in 100 years exposure.

The determination of the design earthquake shall be performed using techniques described
in NFESC TR-2016-SHR or other equivalent procedures.
Structure Response At Design Loading Levels

The response of the structure under the design earthquake levels shall be:

* For alevel 1 earthquake, essentially elastic response is required throughout the
structure.

» For a Level 2 earthquake, limited controlled inelastic behavior with maximum ductility
factors of

Pier Prestressed Concrete Piles

1.5 Pile moments in ground
3.0 Piles at pile cap
1.5 Batter piles at pile cap

Wharf Prestressed Concrete Piles

2.0 Pile moments in ground
5.0 Piles at pile cap
2.5 Batter piles at pile cap

Steel Piles for both Wharf and Pier
5.0 Vertical piles only
3.0 Vertical and batter piles




Composite Steel and Concrete Piles
for both Wharf and Pier
5.0 Vertical piles only
3.0 Vertical and batter piles

Displacement ductility is related to curvature and is inversely dependent on pile
length. Piers have longer piles than wharves and the above ductility limits are intended to
reflect that factor. It is intended that Level 2 curvatures be safely less than ultimate
curvature. The pier or wharf shall be designed as a ductile moment resisting frame
supported by vertical piles reinforced and so connected to the structure as to form an
integral part of the ductile moment resisting frame. Use of batter piles as lateral force
resistant elements in wharves is prohibited unless special design provisions are made to
reliably demonstrate that the batter piles have sufficient strength and ductility at the pile
cap to perform under design loading conditions. If batter piles are used, allowable
ductilities at the pile cap shown above shall be reduced for the Level 2 earthquake.

For a wharf, design of the under-wharf dike retaining structures as a minimum
shall have permanent horizontal deformation of the slope computed by a Newmark
analysis and such deformation shall not exceed:

* For aLevel 1 earthquake, 4 inches

» For aLevel 2 earthquake, 12 inches

Design of sheet pile bulkheads, dikes and retaining structures shall include
provisions to resist full liquefaction of the backfill and for expected potential lateral spread
deformation. Retaining structures shall be designed using provisions in NCEL Technical
Report R-939. Liquefaction and lateral spread shall be computed based on guidance in
NCEL Technical Note 1862.

All crane rails shall be supported on piles including the seaward and the landward
rail. The crane rails shall be connected horizontally by a continuous deck, beam or other
means to control the gage of the rails and prevent spreading. The rails shall be grounded.
For corrosion protection, it is advantageous to insulate the reinforcing steel in the piles
from that in the deck.

The presence of any potentially liquefiable materials in backfill areas shall be fully
analyzed and expected settlements computed. Specific attention shall be paid to the
acceptability of the amount of settlements. Under Level 1 earthquakes large deformations
resulting in widespread pavement disruption should be avoided where economically
feasible.



» For aLevel 1 earthquake the Factor of Safety against liquefaction in the backfill
should be 1.5 or higher with settlements of about 1 inch or less and lateral
deformations of about 3 inches or less.

» For a Level 2 earthquake the Factor of Safety against liquefaction in the backfill
should be 1.0 or higher with settlements of about 4 inches or less and lateral
deformations of about 6 to 12 inches or less. Where it may not be possible to achieve a
Factor of Safety greater than 1.0, a Factor of Safety greater than 0.9 may be
considered as long as the computed deformation state is shown to have limited
controlled settlements and lateral spread equivalent to the values stated.

Piers and wharves containing fueling systems shall be evaluated for an earthquake
with a 10 percent probability of exceedance in 100 years exposure to insure that a spill of
hazardous material is precluded. This may be accomplished by providing containment
systems should there be breaks in fuel containment system element or by strengthening
these elements.

* Preclude release of hazardous and polluting materials for an earthquake with a 10
percent probability of exceedance in 100 years exposure.

Existing Construction

Seismic reviews of existing waterfront construction directed by requirements of the
Naval Facilities Engineering Command shall utilize the above criteria for new
construction as the target requirement for upgrade. The requirement for evaluation of
the seismic resistance and possible upgrade is triggered when the loading on the structure
changes such as when the mission of the structure is changed or when the structure
requires major repairs or modifications to meet operational needs. When it is shown to be
impossible or uneconomical to achieve new construction levels of performance, an
economic life cycle cost analysis shall be performed to determine the most cost effective
level of seismic design upgrade. Various alternative upgrade levels shall be considered
ranging from the existing condition to the maximum achievable. Each alternative shall be
examined to determine the cost of the upgrade, the cost of expected earthquake damage
over the life of the structure and the impact of the damage on life safety, operational
requirements, and damage to the environment. The choice of upgrade level shall be made
by the design team based on a cost effective strategy consistent with requirements of life
safety, operational needs and protection of the environment.



1996 AASHTO Requirements and This Criteria

The DM 1025/1 calls for use of the AASHTO Code for guidance. That requirement is
maintained subject to changes contained in this criteria. The AASHTO Code specifies that
the structure shall be elastic under small to moderate earthquakes and that “exposure to
shaking from large earthquakes should not cause collapse of all or part of the bridge.
Where possible damage that does occur should be readily detectable and accessible for
inspection and repair.” This criteria follows the same guidance but is more definitive in
establishing specific earthquake levels and more definitive response criteria. This criteria
is designed to insure piers are repairable under the Level 2 earthquake. Further piers are to
be classified as AASHTO Category | structures as essential. Division 1A of the AASHTO
Code Section 3.2 presents acceleration maps. For pier projects site specific seismicity
studies are to be performed in lieu of the maps. Because waterfront soils generally fall in
the worst category of site response, as part of the site study, local site response shall be
analyzed using as a minimum 1-dimensional wave propagation techniques to determine
local site amplification. Soil response described in AASHTO Section 3.6 shall be based on
the local site response analysis in lieu of the specified equations.

AASHTO Section 3.9 prescribes for the combination of orthogonal seismic force
components. Section 4 describes analysis requirements and Sections 4.5 and 4.6 describe
the multimode response spectra and time history analysis procedures. Since piers depend
heavily upon the nonlinear soil structure interaction of piles and soil, nonlinear time history
procedures are strongly recommended for the analysis of a pier. Only AASHTO
procedures 3 and 4 are to be used for pier analysis. Since the response of the pier under
Level 2 earthquakes is expected to be nonlinear use of Section 3.9 provisions for
combination of orthogonal components are only approximate. To account for the
orthogonal effects of seismic load components, a full 3-dimensional pier model is
recommended to directly allow for inclusion of all the earthquake components. Actual
earthquake records of orthogonal components can be used to represent the seismic
loading. Typically one of the components is at a reduced acceleration level compared to
the primary component. Vertical acceleration may be included as a loading component but
is not required. Use of vertical component acceleration may not be used to reduce the
lateral response.

Provisions of AASHTO Chapters 5,6 and 7 shall be applicable to piers including
combination of load components with changes in earthquake loading required to meet this
criteria.



Life Cycle Cost Analysis

Life cycle cost analysis shall be performed using the provisions in NAVFAC
P355.2 Chapter 7 and the guidance in NCEL Technical Notes N 1640 and N 1671.



Supporting Technology
For
Criteria For Seismic Design

Of Navy Piers and Wharves
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Introduction

The current potential for interruption to fleet-support operations is probably
greater from seismic hazards than hostile combat. The waterfront location on soft marginal
soils makes the Navy especially vulnerable. The entire Pacific rim is at risk covering alll
PACFLT locations. Additionally parts of the East Coast and Europe have the potential for
large earthquakes. The Navy has lost over $8illlon in damage from thd989 Loma
Prieta and 1993 Guam earthquakes. Executive Order 12699 and 12941 mandate that the
federal government develop appropriate technology for safe facility design and evaluate
the current vulnerability of government facilities. Seventy five percent of the Navy’s piers
and wharves are over 50 years old and represent $5 billion in assets. There are over $0.7
billion in noted deficiencies with 84 projects in the C3/C4 categories. Piles are a common
element to much of the waterfront construction and recent experience has shown them
vulnerable to damage. It is very difficult to inspect and repair damage which occurs to
piles underground or under water; therefore, it is desirable to design piles to limit damage
under the range of possible earthquakes. For the design earthquake which is expected to
occur one or more times during the life of the structure, the piles should be undamaged.
For the upper bound earthquake which is a rare event, the structure mustlisustdin
controlled damage; under such conditions it is desirable that the seismic energy be
dissipated by ductile yielding at plastic hinge regions. A recent NFESC report, Ferritto
and Putcha (1995), developed criteria for Navy wharves. This report expands on that
information and extends the guidelines for the design to include piers. The major
concentration of this report will be on pier piles. There are other elements of significance
in the seismic design such as deck design, sheet piles and bulkheads. Sheet piles and
bulkheads should be coordinated with MIL-HDBK 1007/3 “Soil Dynamics”.

Military Handbook 1025/1 is the current guide for design of piers and wharves. It
states that all piers and wharves in seismically active areas be designed to resist earthquake
forces in accordance with AASHTO Standard Specifications for Bridge Dynamics. The
AASHTO code will be discussed in the following section. As an alternative to the
AASHTO code a procedure developed in 1976 using the elastic computer program
SAPIER is allowed, Tudor/PMP (1976). The criteria developed herein is suggested to be
added to the Military Handbook 1025/1. It will have the effect of prescription of more
specific performance expectations and a definition of more controlled structure response.
The proposed criteria replaces national maps of seismic motion with site specific ground
motion levels which are representative of local site conditions. Arbitrary categories of
construction are eliminated. More exacting nonlinear behavior is determined by replacing
elastic techniques with procedures which can capture structure yielding, formation of
plastic hinges and nonlinear soil-pile load-deflection response. The criteria represents an
evolutionary update resulting from the increased knowledge of soil-structure behavior and
the advent of increased desk-top computer resources.

General Waterfront Damage Mechanisms
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Werner and Hung (1982) gives an excellent compilation of case studies mostly
recounting Japanese experiences from the 1920’s to 1980. They conclude that “By far the
most significant source of earthquake-induced damage to port and harbor facilities has
been porewater pressure buildup... which has led to excessive lateral pressures applied to
quay walls and bulkheads.” They cite the 1964 Niigata and 1964 Alaska earthquake where
“porewater pressures buildup has resulted in complete destruction of entire port and
harbor areas” They note that direct effects of earthquake induced vibrations on waterfront
structures is minimal and overshadowed by liquefaction induced damage. Failure of
bulkhead anchorage systems is a common significant damage inducing mechanism.
Liquefaction also causes damage to piles. The Anchorage City Dock was a reinforced
concrete structure supported on pipe pile with diameters from 16 to 42 inches. Some of
the piles were batter piles and filled with concrete. The piles were supported on clay
which consolidated and settled 4 feet. This movement resulted in deck displacements
from 8 to 17 inches buckling the batter piles (Tudor/PMP, 1976) Experience from Niigata
and Alaska suggests that piles deform with the soil. In the 1970 Peru earthquake,
magnitude 7.8, the Sogesa Wharf suffered severe damage when the inboard piles
restrained by the dike structure could not tolerate high displacements, Tudor/PMP (1976).

Table 1 is in part developed from the Werner and Hung (1982) case studies. They
correctly show the vulnerability of batter piles as would be observed seven years later in
the Port of Oakland. Gazetas and Dakoulas (1991) evaluate numerous waterfront case
histories including the performance of sheetpile bulkheads in which the major failures have
resulted from large-scale liquefaction in the backfill or supporting base. Frequently the
anchored bulkhead damage takes the form of excessive outward movement and tilt caused
by excessive movement of the anchor. They show that Japanese code procedures are
inadequate because the accelerations values are often exceeded and the vertical
component is omitted, they neglect ground motion amplification, and they do not take into
account lateral soil spreading caused by a loss of stiffness. They note limitations in
traditional pseudostatic sheetpile procedures to properly define the location of the active
sliding surface. They develop an empirical seismic design chart based on the observed case
histories. Other works of significance include Swanson (1996) which summarizes
observed damage in the Kobe earthquake, Harn and Malick (1992) which gives design
guidance, and Erickson and Fotinos (1995) which summarizes various code requirements.

The 1978 magnitude 7.4 earthquake Miyagi-Ken-Oki earthquake caused severe
damage to gravity quay walls, piers and sheet pile bulkheads. The Sendai Port area has a
soil profile composed of a sand layer 3 to 20 meters thick underlain by layers of medium
coarse sand and silty loam. Dense sand and bedrock underlie the silty loam layer. Two
nearby bulkheads serve as a comparison study, Figure 1. A seismic lateral coefficient of
0.1 g was used in the design. Bulkhead No. 4 was anchored with vertical H-beam. The
area behind this bulkhead experienced cracking and settlement.. Bulkhead No. 5 was
constructed in a similar manner except that it used batter piles to restrain the anchor. This
bulkhead withstood the earthquake without damage. Note as shown in Figure 1 the near
surface soil behind Bulkhead No. 4 had lower blowcounts which when combined with
reduced anchorage could have caused the increased lateral spread and associated damage.
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Damage To Waterfront Structures Having Piles

The 1989 Loma Prieta Earthquake caused major port damage to the Port Of
Oakland, Table 1. Soil liquefaction caused damage to the terminal facilities much of which
is filled land composed of loose dumped or hydraulically placed sand underlain by soft
normally consolidated Bay Mud. There were four areas damaged: the 7th Street Terminal,
the Matson Terminal, the APL Terminal and the Howard Terminal. All of these terminals
had pile supported wharves typically represented by Figure 2. The piles extended through
the rock dike which served as containment for the fill composed of fine dredged sands and
silty sands. The most severe damage occurred at the 7th Street Terminal where
liquefaction of the fill resulted in settlements and lateral soil spreading, cracking the
pavement over a wide area. Maximum settlements of the paved yard area were up to a 12
inches. The inboard crane rail was supported on the fill directly which settled; the
outboard crane rail was supported on the wharf piles and did not settle. As a result of this
differential movement the cranes were inoperable. Damage occurred to the tops of the
batter piles, Figure 2, through shear, compression, and tension. The vertical piles were
largely undamaged with a few exceptions. The stiff batter piles absorbed much of the
loading among the other more flexible elements. Seed et al. (1990) suggests “the mode of
failure was predominantly tensile failure driven by outward thrust of the fill, suggesting
that liquefaction and associated spreading were important factors”. As a result of this
damage the port of Oakland is replacing all the 7th Street Terminal batter piles with
vertical piles designed to resist lateral forces. The pile-wharf deck is being extended
inboard to provide support for the crane rails. The Howard Terminal and the APL
Terminal which had vertical or near vertical piles instead of batter piles did not sustain
pile damage although liquefaction caused comparable settlements in the filled areas. Both
crane rails were also pile supported.

On August 8, 1993 a magnitude 8.1 earthquake occurred offshore 50 miles from
Guam and caused over $125 million in damages to Naval facilities on Guam, Table 1.
Nearly all of Guam is firm soil or rock except for the region containing the Navy port
which had soft soil composed of natural alluvium and artificial fill. It is estimated the peak
horizontal ground accelerations were about 0.25g. Liquefaction was a major problem and
lateral spreading of 1 to 2 feet was observed at wharf areas. It also resulted in settlements,
backfill collapse and bulkhead movements. Buried water and power lines were fractured.
Sheet piles failed in shear and deadman anchors pulled out. Batter piles failed in shear at
the pile cap. Other Navy damage consisted of fuel tank leaks, sloughing of a dam, damage
to masonry housing units and major damage to the power plant which supplied 20 percent
of the island’s power capacity.

On August 17 1995, the Hyogo-ken Nambu (Great Hanshin Kobe) earthquake,
Japanese magnitude 7.2 (about 6.9 moment magnitude), occurred in Kobe Japan. This
event produced major damage to Japan’s second busiest port. Liquefaction was a major
contributor to the extent of the damage producing typical subsidence of a half meter. Piles
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were used extensively in this area. They were designed to account for the negative skin
friction and additional ground improvement was also performed. Structures on such piles
performed well even though major subsidence occurred in surrounding areas. Other
structures not on piles suffered differential settlement and tilting and significant damage.
Liquefaction caused up to 3 meters of lateral spread displacement, sunk quay walls, broke
utility lines, and shut down 179 out of 186 berths at the port. It was responsible for major
damage to crane foundations. Hydraulic fill behind concrete caisson perimeter walls fill
liquefied causing the caissons to move outward rotating up to 3 degrees and settling from
0.7 to 3.0 meters. The caissons were designed for a lateral coefficient of 0.1g. A seismic
coefficient of 0.2g was normally specified for dockside cranes. Peak accelerations of 0.8g
in the NS direction, 0.6g in the EW direction and 0.3g vertical were noted from
accelerograph recordings. The event had a duration of about 20 seconds. The outboard
crane rails which were supported on the caisson also spread outward, Figure 3. The
middle crane rails which were supported on piles did not move. The inboard crane rails
settled between 1 and 2 meters. The increase in distance between crane rails resulting
from lateral spreading was from 1 to 5 meters. Both old and new caisson construction
faired equally poorly. The resulting deformation disabled all the dockside container cranes
collapsing one and shutting down all port operations. Damage is attributed to liquefaction
since structures supported on pile suffered much less damage, Liftech (1995). It should be
noted that caissons designed for 0.25g sustained lower levels of damage.

Pile designs must be checked for the location of the maximum moment, generally
at the pile cap. The second highest point is within the support soil. Damage below the soill
line cannot be seen and easily repaired; thus, consideration of this must be included in the
design. POLA provides for decreased ductility for wharf pile sections below the soil line.

It is important to note that the pile curvatures are controlled by the stiffness of the
supporting soil. Soil movement may be concentrated at interfaces between stiff and soft
soils causing local increases in curvature, overstressing the pile. Soil layers and their
associated stiffness must be accurately modeled in a pile analysis.

During the 1995 earthquake in Kobe Japan damage occurred to precast concrete
piles on Port Island, Matso, K. (1995). Typically the failure mode consisted of anchor
reinforcing bars pulling out of the pile caps producing separation between the piles and the
pile cap. The Hanshin Expressway which collapsed was an elevated roadway supported
on a series of single concrete pier. The failure of the pier was associated with failure of the
transverse shear reinforcement and premature termination of longitudinal reinforcement.
This reinforcement consisted of perimeter ties lapped at the ends and was spaced 30 cm on
center. The inadequate shear reinforcement resulted in non-ductile behavior. Additionally
gas-pressure weld splices of reinforcing bars failed; this technique is no longer used.

Most pile failures are associated with liquefaction of soil which can result in
buckling of the pile, loss of pile friction capacity, or development of pile cracking and
hinging. Hinging may be at the cap location or at an interface between soil layers of
differing lateral stiffness, Figure 4. Meyerson et al. (1992) present a state-of-the-art
approach for evaluating pile buckling capacity for conditions of liquefaction of a soil layer
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and also determining allowable lateral deformation capacity. Most buckling occurs when
the zone of liquefaction extends to the surface with the water table at the surface
producing a large unsupported length. An axial transition load exists such that at less than
that load the pile will not buckle.. Typically the transition load is at one-fourth to one-third
of the ultimate bearing capacity. Flexible piles will tend to try to conform with soil
movement and will have large curvatures at the interface between liquefied and non-
liquefied material. Meyerson et al. present dimensionless curves relating pile lateral
displacement capacity before formation of a hinge as a function of pile characteristic
length. Yoshida and Hamada report on 2 case studies of piles beneath buildings which
were damaged by liquefaction during the 1964 Niigata Earthquake. The first building,
Building A, was a three story reinforced concrete building and is shown in Figure 5. The
piles in this case were end bearing piles. The piles exhibited tensile cracks and concrete
crushing. Pile number 2 exhibited a total disintegration of concrete probably from a lack of
adequate confining steel. The second building designated as Building S is also a three
story reinforced concrete building and is shown in Figure 6. The piles in this case were
friction piles. All piles in both buildings were damaged by the lateral deformation
associated with the liquefaction. Generally pier piles will develop hinges first at the pile
cap; however this may not be the case for wharves having piles with much shorter
freestanding lengths.

Priestley et al. (1992) contains an extensive report on the causes of bridge damage
much of which is relevant to piers. In discussing damage to existing older bridges they
note “ All deficiencies tend to be a natural consequence of the elastic design philosophy
almost uniformly adopted for seismic design of bridges prior to 1970, and still used in
some countries notably Japan.” Seismic deflections were underestimated in part by use of
gross rather than cracked member stiffness. Seismic design forces were low and the ratio
of seismic to static loads was incorrect resulting in erroneous moment patterns. Points of
contraflexure were mislocated resulting in premature termination of reinforcement.
Adjacent frames of bridges experienced out-of-phase-motion, with displacements often
exceeding member supports. Soft soils amplified motion and liquefaction caused loss of
pile support. Pounding of bridge members can impart high impact forces. Column
longitudinal reinforcement was often lap-spliced immediately above the foundation with an
inadequate development length of 20 bar diameters. “ Displacement ductility factors as
high asu = 6 to 8 may be needed in some cases. At ductility levels of 2-3, concrete
compression strains in the plastic hinge regions exceed the unconfined strain capacity and
spalling of the cover concrete occurs. Unless the core concrete is well confined by closely
spaced transverse hoops or spirals, the crushing rapidly extends into the core, the
longitudinal reinforcement buckles, and rapid strength degradation occurs..” Cap beam
failures were attributed to low shear capacity, early cutoff of negative top beam
reinforcement, and insufficient anchorage of large diameter cap reinforcement in the
column. Development lengths of 3 to 5 feet for #18 bars was shown to be inadequate in
the Loma Prieta earthquake resulting in large flexural cap beam cracks. Rupture of #18
bars bent on a 18-inch radius. “Problems can be expected for columns with longitudinal
reinforcement anchorage provided by 90 degree hooks bent away from the column axis,
creating an unfavorable tension field in the joint region.. ... Current analysis indicates that
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considerable amount of vertical and horizontal shear reinforcement is required in the joint
region, but are commonly omitted in older designs.

Japanese research, Kubo, 1969 and Hayashi, 1974 reports that piles move with
the soil during elastic portions of motion. Locations of potential failure occur at the point
of sharpest curvature in the pile top, at just below the mud line, and at a depth in the soil
profile at high curvature. Piles tend to move with the soil such that the region of
maximum displacement curvature in the soil field controls the pile response. Batter piles
exert large reactions on the pier structure which may have detrimental effect on the pile
cap. The pier should be structurally separated from the abutment to provide isolation.
Tudor/PMP (1976) report that piers tend to have a narrow range of natural periods with
good damping properties. They note that it is common practice to assign the total lateral
force demand to the batter piles. For simple analysis the pier deck mass can be based on
the deck and half the mass of the supporting piles. An added mass factor for the mass of
the displaced water can be included. A pile preliminary design in high seismicity regions
for gravity and earthquake loads can be made based on Tudor/PMP (1976):

My=15E}/R
where
Mu Required ultimate moment (k ft)
E Pile modulus of elasticity (k /sq ft)
I Pile moment of inertia (ft)
R Radius of curvature from soil response (ft)
R =100 for very soft fill, soft clay, loose sand
R =250 for soft stiff clay, medium dense sand
R =250 for Medium to dense gravel or dense sand

This suggests design curvatures in the range of 0.01 rad/ft to 0.004 rad /ft or 0.0008 rad/in
to 0.00033 rad/in based on the soll stiffness and the pile tracking expected soil
displacement. It is believed that these values are probably too low and will result in
substantial plastic pile behavior, cracking, and loss of prestress.

The approximate depth of pile support, d, in feet is given by:

where

(2]

Coefficient of subgrade reaction (RJft

= for very soft fill, soft clay

=20 for soft moderately stiff clay, loose sand

s =200 for Medium to dense stiff clay, dense sand or gravel

[
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D Width or pile diameter (ft)

Tudor/PMP (1976) note for prestressed piles steel dowels extending into the cap can be
used for bending resistance and ductility.

AASHTO Standard Specification For Highway Bridges

This is a national code and as such divides the US into regions based on levels of
expected ground motion. A map is provided which shows peak horizontal rock
accelerations with a 90 percent probability of not being exceeded in 50 years which is a
nominal 500 year return time event. Two categories of bridge structure are defined,
essential bridges which are expected to function after a design earthquake and other
bridges which are designed for near elastic response at moderate events and for limited
damage at the maximum credible event. Four categories A through D are defined to treat
importance and variation in seismic acceleration potential. A and B are low threat level
requirements while D is highest representing an essential structure in the highest exposure
zone. The 1996 AASHTO Code implements changes to update the code and bring it into
agreement with recent changes developed by the Applied Technology Council and
NEHRP. Four new site profiles are defined and serve to define site amplification.
Equations are given to compute the elastic seismic response coefficient. A map of the
United States gives the acceleration coefficient based on a 10 percent exceedance
probability in 50 years.

Elastic earthquake lateral forces are determined based on the map accelerations
and site soil factor. Component response modification factors are used to reduce the
elastic forces for substructure elements while connections of superstructure to abutment
and expansion joints are increased. The modification factors are analogous to ductility
factors. It is assumed that columns will yield when subjected to forces from the design
ground motion but that the connection will be able to resist the deformations with little
damage. Wall piers have minimal ductility and an R value of 2 was assigned. Well
designed columns in a multi-column bent have good ductility. A value of 5 was assigned
to them. Single columns lack redundancy, thus a value of 3 was assigned. For C and D
bridges the connections are designed for the maximum forces that can be developed by
plastic hinging in the columns. The probability of elastic force levels not being exceeded
in 50 years is in the range of 80 to 90 percent. Procedures are given to calculate
displacements. Modal response techniques are used in the analysis of response. The 1996
Code allows for time history analysis, It is suggested that a factor of safety against
liquefaction be 1.5 for important bridges. Guidance is given for pile design.

Concrete Piles

Reinforced concrete has been used as one of the major construction materials at
the waterfront. Figure 7 is an axial force - moment interaction diagram of a reinforced
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concrete section. Note the figure does not consider section buckling. Point 1 illustrates a
section entirely under a concentric compression load without moment. The strain field is
uniform across the section and at the ultimate statg,is Point 2 illustrates a

combination of axial load and moment caused in this case by the load having an
eccentricity. The amount of eccentricity in this case is set so as to produce a case of zero
strain on the tension (bottom) face and maxinggnstrain on the compressive (top) face.

Point 3 represents the point of maximum moment capacity and a balanced design such that
the steel reinforcing is at yield point strain and the concrete is at maximum strain. Point 4
is the case of pure bending without axial load; the concrete is at maximum strain and the
steel has yielded. This is a typical beam bending case. Point 5 is a case of axial load in
tension and is controlled by the steel capacity. The tensile capacity of concrete is
neglected in estimating strength. The concrete sections shown by points 1 and 2 have only
compressive strain and the section would not undergo tensile cracking. In this case the
section moment of inertia would be computed based on the gross (total) concrete section.
The remaining points in Figure 7 show regions of tension. Since concrete is much weaker
in tension, cracking would be expected to occur when the tensile stresses in the concrete
were exceeded, typically at numerical level equal to about 10 percent of the maximum
compressive stress. Cracking is a normal occurrence in concrete members under flexural
load. When the concrete cracks the section moment of inertia is reduced; generally the
cracked moment of inertia is about half the gross moment of inertia. In a marine
environment it is desirous to control the cracking to prevent corrosion of the reinforcing
steel. Confining steel is used to increase concrete strength, produce ductility and increase
shear strength. An initial prestress force is used in piles as a mechanism for improving
concrete performance by keeping the cracks closed. It has been noted that crack widths of
0.007 to 0.009 inches are sufficiently small to preclude deterioration of the reinforcement
so an allowable crack width may be approximated at about 0.01 inches. It is not possible
to directly equate the crack width to an allowable tensile strain since crack spacing is not
known; however, corrosion has not been a problem when reinforcing stress has been
restricted to a tension of 17 ksi or less under service loads. At concrete compressive
strains below 0.0021 in/in the compression concrete does not evidence damage and crack
widths under cyclic load should be acceptable. Occasional larger loads may be sustained
without deterioration as long as a permanent offset does not occur and the prestress
forces can close the cracks. Reinforcement deterioration is most pronounced in the
presence of oxygen such as in a pier pile where the pile is freestanding out of water or in
the splash zone. At deep water depths or in soil, the oxygen content is reduced such that
pile reinforcement deterioration is less. Large loads causing loss of the concrete cover
result in loss of pile capacity and facilitate deterioration; such conditions can be repaired if
accessible by jackets around the pile. Loss of concrete cover begins at displacement
ductilities of about 2.0, Joen and Park (1990b)

Until recently, piles were designed neglecting the confinement effects of the
reinforcing on the concrete. Work by Joen and Park (1990a) shows the significant
increase in moment capacity by considering the effect of spiral confinement on the
concrete. This work uses the Mander et al (1988) concrete model for confined and
unconfined concrete. Typically the ultimate compressive concrete strain of unconfined
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concrete is about 0.003 for use in computing flexural strength as reported by Priestley et
al. (1992). For confined concrete the following may be used, Priestley et al. (1992),

SCU = 0.004 + (1.ps fyh E sm )/ fcc Z 0.005
where

Ps effective volume ratio of confining steel

fyn yield stress of confining steel

€sm Strain at peak stress of confining reinforcement, 0.15 for grade 40 and 0.12
for grade 60

fec Confined strength of concrete approximated by 1.5 f

Prestressing of concrete piles is a mechanism for improving pile performance.
Prestress tendons of steel are placed in tension in a form and anchored. Concrete is then
poured in the form. When the concrete has attained sufficient strength the anchorage of
the tendons is released and an axial compression is transferred to the pile. Prestressing is a
very useful technique to minimize the size of cracks which occur in the concrete as it
undergoes flexure. In piles spiral reinforcement is used to confine the concrete and
improve shear strength. Pile ends are reinforced to facilitate pile driving forces. Figure 8
illustrates a typical pile which may be square, circular or octagonal. Table 2 gives typical
pile axial capacities. The prestressing force acts like an axial compression force acting on
the pile and has the effect of lowering the section capacity. This is illustrated in Figure 9.
At the end of a pile, absent external anchors, the tendon prestress force is zero at the free
edge. The level of prestress force in the end section of a pile depends on its distance from
the end of the pile and on bond conditions. The limiting stress in the tendon is a function
of a friction bond length and increases with distance from the end of the pile to full
development. The transfer length to achieve the effective prestress is given by:

It = fse* d / 3
where

fse effective prestress in the tendon (3 or 7 wire strand) (ksi)
d diameter of tendon

The full development length of the maximum stress in the prestressing steel is given by:
where

fos maximum stress in the prestressing steel (ksi).
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Since a lack of bond causes the prestressing force to vary from maximum to zero at the

pile end, the moment capacity at the pile top end can be reduced over the development
length. This is important since the top of the pile is normally a high moment region. The
moment capacity at the pile cap depends on the design of the tendon anchorage and can be
reduced from full moment capacity of a section having full tendon anchorage.

Sheppard (1983) provides a useful summary of the design of prestressed piles for
seismic loads. He reports on several pile tests and then utilizes that data to develop three
levels of ductility demand. Where loading is light such that the applied moment is less than
20 percent of ultimate and the applied axial load is less than 30 percent of ultimate spiral
steel volumetric ratios greater than 0.003 can produce curvatures of 0.0003 /in . For
earthquake loading volumetric ratios greater than 0.014 are required. This level of spiral
reinforcement can produce maximum curvatures of 0.0007. Severe earthquakes require
volumetric ratios of 0.021 to achieve maximum curvatures of 0.001. To achieve ductile
behavior during cyclic loading especially in the areas of plastic hinging, a minimum
volumetric ratio of spiral confining reinforcement is required. The following is
recommended by Joen and Park (1990a) and Sheppard (1983):

or

which ever is greater
where

Ac area of concrete core of pile cross section measured to outside of spiral
Ag gross area of pile cross section

fe concrete cylinder compressive strength

fep compressive stress in concrete from prestress

fyn yield strength of spiral steel

Pe external compressive load on pile

(0} strength reduction factor
Ps volume of spiral steel to volume of concrete core measured to outside of
spiral

The axial load of the pile consisting of external load plus prestress should be less than 70
percent of the pile gross concrete strength. In the zone of the plastic hinge, the pitch of the
spiral based on test data by Joen and Park (1990b) should not be more than 4 times the
tendon steel diameter. The 1982 New Zealand code has additional limitations for the spiral
pitch to be less than one-fifth of the pile diameter, or six times the longitudinal steel
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diameter, or 7.9 inches, whichever is less. Outside the plastic hinge zone the pitch may be
double that of the plastic hinge zone. Use of high strength steel with 125 to 150 ksi yield
can minimize the amount of spiral reinforcement and facilitate concrete placement;
however such materials must exhibit large yield plateaus and strain capacity before rupture
and not be brittle. The 1982 New Zealand code which first recognized the importance of
spiral confinement, limited the yield strength of the spiral to 73 ksi. Additional research
may be needed in this area. Banerjee et al. (1987) reviews seismic performance of
prestressed piles. He notes that spiral volumetric steel reinforcing ratio of 0.0035 results
in maximum curvatures of 0.0003 rad/in which is inadequate for high seismic motion.
Values of 2 percent reinforcing ratio are required to provide high curvature under severe
seismic regions. They noted hollow piles burst inward and should be avoided under all
conditions. “Pile performance is influenced most strongly by the amount of spiral steel,
axial load and the embedment conditions. ... The curvature demand reduces significantly
with increasing pile size. Since the curvature capacity is also believed to reduce with
increasing pile size, both effects should be considered in choosing piles for a specific site.”
Rotational fixity at the pile cap can produce high curvature and shear. The curvatures are
larger in soft soil and are especially severe at the interface between layers where
significantly different soil modulii exist.

Joen and Park (1990 b) state “ A well designed pile can continue to carry
significant moment and vertical load after loss of the concrete cover at large deformations
in the post-elastic range... because the confinement of the concrete core provided by the
spiral enhances the strength and ductility of the core. They also state that the presence of
nonprestressed longitudinal reinforcement in prestressed concrete piles is not essential to
the satisfactory performance of the piles. The authors compare moment capacity
calculations using an unconfined concrete strength model and a confined concrete strength
model. They conclude that for a series of 17 piles tested, the unconfined concrete model
under predicted pile strength by a factor of 1.12 to 2.39. Use of a confined concrete
strength model is shown to be more accurate and is recommended for Navy use. Of equal
significance, they note in tests of pile caps that the strength of a pile may be reduced at the
ends by the development length and should be included as a moment capacity reduction
factor at pile ends.

An important measure of pile capacity is the moment curvature relationship. As a
measure of section capacity, it is determined by dividing the concrete outer fiber
(compressive face) strain by the depth to the neutral axis. Curvature capacity is a measure
of pile ductility. Joen and Park (1990a) report that a large increase in flexural strength and
curvature ductility factor is attributed to confinement. “The flexural strength increase is
particularly high at large axial load levels, due to the greater dependence of the flexural
strength on the contribution from the compressive force in the concrete at large axial
loads.....to obtain a more uniform available curvature ductility factor, more spiral
reinforcement should be provided at high axial load levels, and less at low axial load
levels.”
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Curvature demand or the amount of curvature imposed by the pile loading is
based on the distribution of moment along the pile and is related to the bending moment
equation as a function of distance along the pile divided by the product of the modulus of
elasticity times the moment of inertia.

o= M(x) / El

The adequacy of a pile design can be made by comparing pile curvature capacity to pile
curvature demand. The curvature ductility demand can be expresped as

P max
Ho =
Py

For sections with reinforcement located on the tension and compressive
extremities which yield prior to concrete crushing the actual moment curvature relation
may be approximated by a bilinear representation and a clear yield point is evident as
illustrated in Figure 10a. In other cases where the moment-curvature displays a curved
relationship, as illustrated in Figure 10b, the yield point may be represented by some offset
such as 40 percent of maximum moment. Moment capacity would be expected to increase
if strain hardening of reinforcement occurred. For analysis of Navy concrete piles, the
computer program BIAX developed by Wallace and Moehle (1989) under an NSF grant
may be used to calculate pile axial force - moment interaction diagrams and pile moment -
curvature diagrams. Figure 11 is an axial force -moment interaction diagram for a typical
24-inch octagonal pile whose moment curvature diagram is shown in Figure 10a. Figure
10b is moment curvature diagram for an 18-inch square fender pile tested at NFESC,
Warren (1989). Figure 12 illustrates the construction of an equivalent bilinear ductility
approximation based on equal areas under the moment-curvature diagram. If the
geometry of the structural element, elastic deflected shape, and support conditions are
defined the internal curvature can be related to the external displacement as illustrated for
an example in Figure 13.

Two lines in Figure 14 after Priestley et al. (1992) illustrate a beam column with
elastic limit deformation and with the formation of a plastic hinge. The elastic deflection
can be related to the corresponding elastic curvature:

A =@ L?/3
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Once the ultimate capacity has been reached, a plastic hinge forms in the section
and the hinge rotates at a constant moment. The amount of hinge réai®related
to the length of the hinge,land the portion of curvature associated with the plastic

hinge,@,:

The length of the plastic hinge in constant moment elements such as columns or piles is
approximately proportional to the diameter of the pile or column. When a hinge is formed,
the total deformatiort), is composed of the elastic deformatip,and the plastic
deformationA,, caused by the plastic hinge rotation.

Amax :Ay, + Ap

For small deformations, the plastic deflectidpcan be approximated by multiplying the
hinge rotation times the clear length of the member, ( L /-2 )

Do=@p* (L - L/2)

The displacement ductility can be expressed as

Amax
Ha =
Ay
A, + A A,
l‘lA: —— =1+
Ay Ay

My =1+ 3p, = P (1- 05:7)

This equation gives a means of relating displacement ductility with curvature ductility.
Priestley et al. (1992) note “ The flexural ductility capacity of existing members can be
expressed either in terms of the section curvature ductility factors, or of displacement
ductility factors. Although the later is more convenient in terms of structural assessment in
that it frequently compares rather closely to the force reduction factor relating elastic
response level to design or provided strength. The structural ductility factor relates to the
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structure as a whole. Individual member ductility factors can differ widely from the global
factor, and may bear little resemblance to the force reduction factor resulting from an
elastic demand/capacity ratio. ... Overall structure ductility should be assessed at the
center of seismic force. “

The above relation fop, andp, is based on a elasto - plastic representation of
force shown in Figures 15a and b. Note thatchftresponds to the moment at which the
tensile reinforcing steel reaches a yield strain. Thedresponds to the peak moment
capacity at ultimate concrete compression straip.idMquivalent elasto-plastic
maximum moment. The equivalent elasto-plastic yield curvature must be extrapolated

Figure 15c is a plot of the above ductility displacement - curvature ductility relationship
and illustrates the effect of thg LL ratio. There are limiting values of curvature

ductility beyond which pile performance is unacceptable and unreliable. Thus these limits
translate into displacement ductility limits which are seen to vary withgthe Lratio.

Pile displacement ductility criteria must reflect this factor. In development and
implementation of a general criteria for piles, the application will control the allowable
ductility. A wharf with short piles will permit higher allowable displacement ductilities

than a pier with long piles.

Priestly et al. (1992) report that the shear strength of rectangular sections can be
estimated by:

Vi=VAe+ A, f, (d/s) Cot Q) + 0.2 P

and the shear strength of circular sections can be estimated by:

Vih=VAe + (T72) Asfy (D'/s) Cot @) + 0.2 P
where

Ve Concrete shear strength

Ae Area confined concrete

Ay Area shear steel reinforcement
As Area spiral steel reinforcement
fy Steel yield stress

d Bar spacing

D’ Spiral diameter

S Bar spacing or spiral pitch
P Axial load

0 Inclination angle of crack
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The value of ycan be determined from a graph and is related to ductility, Priestley et al.
(1992), Figure 16.

The initial estimate of a pile’s properties represents the first cycle of loading.
Under an earthquake a number of cycles of loading occur. The pile’s properties degrade
with cycling. Figure 17 is pile tested by Warren (1989) which illustrates this concept. One
model which has been used to represent this degradation is the modified Takeda model.
The extended Takeda model modifies the unloading stiffngby K factom times the
extent of the post elastic loading.R second factof}, determines the reloading stiffness
and the extent of degradation Figure 18 illustrates the concept.

Calculation of Earthquake Demand On Piles

The previous section explained how the pile capacities are computed. Figure 19
conceptually illustrates a pile under lateral load and shows static deflection, slope,
moment shear and soil reaction. The earthquake loading places a performance demand on
the piles which can be expressed in terms of moment-curvature or moment-deflection. To
calculate the response of the piles a model of the structure mass and stiffness must be
developed. The model of the pile must include the nonlinear soil force resisting lateral
motion which varies along the pile depth. The engineer has several options.

One option is to use the peak horizontal acceleration times the mass of the
structure on the pile or pile group as an applied lateral force. The computer program
CBEAMC solves the general beam-column with nonlinear supports problem. The pile is
divided into a series of vertical 2-dimensional line elements with elastic beam bending
elements and the soil is represented by a series of nonlinear springs. The solution gives
moments, shears, deflections and rotations at each node point. This approach has
limitations. The model evaluates a single pile and does not permit consideration of the
superstructure. The pile is modeled elastically and the extent of pile yielding can only be
estimated.

A second option is the use of general purpose finite element programs to perform
static, response spectra or time history analyses. Elastic solutions are not recommended
because accurate modeling of the soil resisting pile deflection requires a nonlinear
relationship. Elastic response from modal analysis does not have validity since the mode
shapes, periods and effective damping are altered by plastic hinge formation.

The best option is a nonlinear finite element analysis. The DRAIN2DX/
DRAIN3DX programs were developed under a grant from the NSF. These are general
purpose 2 and 3-dimensional finite element programs with nonlinear beam-column
elements whose strength is described by a moment-force diagram. The programs have
provisions for use of the extended Takeda degrading stiffness model so the pile strength
can be modeled accurately under cyclic loading. A bilinear spring element can be used to
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represent the soil resistance. The pier superstructure can be modeled as well. The location
of the concrete elements and the amount of strain experienced determines whether the
element will be in a cracked state with reduced section properties or an uncracked state
with uncracked section properties based on the moment of inertia of the total concrete
cross-section. The earthquake loading is input as a time history and the time step
integration procedure used for the solution. The program computes nodal moments,
shears, deflections and rotations for each time step. Before a time series solution is
performed it is suggested that a lateral force be applied in increasing steps as a “pushover”
analysis. This will give a picture of the location of the structure’s first yield point, the

yield pattern, and the collapse mechanism. From this picture of the structure the engineer
can focus on the structure’s weak points for detailed study.

The DRAIN2DX program allows the beam column elements to yield only at the
element ends in concentrated plastic hinges. These hinges yield under constant moment.
Total plastic rotation is shown for each element end and a code is shown indicating
yielding. It should be recognized that a two-dimensional representation is only an
approximation. Factors such as pile group interaction, pile-wave interaction, radial
damping are not considered. Evaluation of element hinge capacities can be made by use of
the above derived equations resulting in:

= Li*®

where the plastic hinge rotatid®), comes directly from the analysis results apdslthe
length of the plastic hinge. The element curvature can be determined. The element
displacement ductility can now be calculated where L is the length from the hinge to the
point of contraflexure.

Hy =1+ Ap, - ) 22 (1- 052)

Characterization Of Soil Forces Acting On Piles

Novak (1991) gives a state-of the-art paper on pile dynamics in which he discusses
causes of damage to piles such as liquefaction and earth movement. He discusses
theoretical studies which develop dynamic soil-pile interaction; he shows that there is a
cylindrical boundary zone around a pile which undergoes nonlinear behavior. Pile soil
separation is possible under lateral load, Figure 20. The length of the pile sepagasion, L
a function of the lateral deformation:

Ls/d= 260A/d

where
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A the amount of lateral deformation , 0.G0A/d < 0.005
d Pile diameter

Wolf and Weber (1986) show the difference in horizontal stiffness and damping for
alternative modeling assumptions. Figure 21a shows a linear model with soil tension.
Figure 21b allows soil separation which is seen to reduce damping. Figure 21c allows soil
separation and slipping of the pile in the soil which reduces both horizontal stiffness and
damping. Large displacements require nonlinear representation of the soil around the pile.
To account for gapping, slippage and friction lumped mass finite element models evolved
as the most often used approach. Soil resistance deflection relationships known as p-y
curves were developed. Figure 22 is a typical p-y curve. To account for pile separation the
soil reaction displacement curve shown in Figure 23 has been used. Figure 24 shows cyclic
loading p-y curves for sand and clay.

Yoshida and Hamada (1991) report on the Japanese Highway Bridge Code which
establishes the subgrade modulus reaction k for use with piles:

k=0.2*28N * D%%* (kgflcnt)
where

D the diameter of the pile in cm

N Japanese penetration test N value of blowcounts
The spring constant is found by multiplying the diameter of the pile times k times the pile
length between springs.

Martin and Lam (1995) present a recent state-of-the-art summary of the design of
pile foundations. They show that a nonlinear soil model is required to capture the lateral
behavior of a pile. A Winkler Spring Beam-Column representation with nonlinear springs
is shown to be an acceptable method for computing pile behavior to lateral loads. They
have reviewed procedures for computing the required soil load-deformation relationship to
characterize the spring properties and found the American Petroleum Institute (1994)
procedure to be the accepted common practice. This procedure is found in a recent
recommended practice and is approved by the American National Standards Institute.

The origin of the API equation for sand evolved from work by Reese, Cox, and
Koop (1974) who established a set of equations based on the forces associated
deformation of a soil wedge and the lateral deformation of a rigid cylinder into soil. They
established the early shape of the soil load deflection p-y curve based on the soil subgrade
modulus. The procedure was modified by Bogard and Matlock (1980) principally as a
simplification by consolidation of terms. The shape of the p-y curve was finally based on
work by Parker and Reese (1970). O’Niell and Murtcheson (1983) wrote an excellent
summary of the development of the procedure for constructing p-y curves and performed
a comparison study showing the API equation as having least cumulative error in
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comparison with experimental data from full scale pile tests, although one must consider
that this is still a very approximate procedure.

The American Petroleum Institute (1994) recommended practice for offshore
platforms gives guidance in determining p-y curves. That information is reported verbatim
in the following sections:

Lateral Bearing Capacity for Soft Clay. For static lateral loads the
ultimate unit lateral bearing capacity of soft clayhps been found to vary
between 8c and 12c except at shallow depths where failure occurs in a
different mode due to minimum overburden pressure. Cyclic loads cause
deterioration of lateral bearing capacity below that for static loads. In the
absence of more definitive criteria, the following is recommended. The
value of p increases from 3c to 9c as X increases from Oxgtac€ording

to:
WP3c+y X + JcX/D (1)
and
u FO9cfor X=Xg (2)
where:
Pu ultimate resistance, in stress units
undrained shear strength of undisturbed clay soil samples, in stress
units
D pile diameter
Y buoyant unit weight of soil, in weight density units
J dimensionless empirical constant with values ranging from 0.25 to
0.5 having been determined by field testing. A value of 0.5 is
appropriate for Gulf of Mexico clays.
X depth below soil surface
Xr depth below soil surface to bottom of reduced resistance zone. For

a condition of constant strength with depth, Equations 1 and 2 are
solved simultaneously to give:

Xg=6D/(§ D/ c)+J)

Where the strength varies with depth, Equations 1 and 2 may be solved by
plotting the two equations, i.e., ¥s. depth. The point of first intersection

of two equations is taken to bexXThese empirical relationships may not
apply where strength variations are erratic. In general, minimum values of
Xgr should be about 2.5 pile diameters.

Lateral soil resistance-deflection relationships for piles in soft clay
are generally nonlinear, Figure 25. The p-y curves for the short-term static
load case may be generated from the following table:
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/Py ylye
0.00 0.0
0.50 1.0
0.72 3.0
1.00 8.0
1.00 0

where:

p actual lateral resistance, in stress units
y actual lateral deflection
Ye 2.5e.D
€ strain which occurs at of@lf the maximum
stress on laboratory undrained compression
tests of undisturbed soil samples

For the case where equilibrium has been reached under cyclic loading, the
p-y curves may be generated from the following table:

X>XK KXr
p/py ylye P/ pu ylye
0.5 1.0 0.5 1.0
0.72 3.0 0.72 3.0
0.72 ) 0.72X/Xr 15.0

0.72X/Xr )

Lateral Bearing Capacity for Stiff Clay. For static lateral loads, the
ultimate bearing capacity,,pof stiff clay (c > 96 kPa or 1 Tsf) as for soft
clay would vary between 8c and 12c. Due to rapid deterioration under
cyclic loadings, the ultimate static resistance should be reduced for cyclic
design considerations. While stiff clays also have nonlinear stress-strain
relationships, they are generally more brittle than soft clays. In developing
stress-strain curves and subsequent p-y curves for cyclic loads,
consideration should be given to the possible rapid deterioration of load
capacity at large deflections for stiff clays.

Lateral Bearing Capacity for Sand.The ultimate lateral bearing capacity
for sand has been found to vary from a value at shallow depths determined
by Equation 3 to a value at deep depths determined by Equation 4. At a

given depth the equation giving the smallest value of Pu should be used as
the ultimate bearing capacity.

Pis=(GX + GD)yX (3)

where
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Pu ultimate resistance (force/unit length) (s=shallow, d=deep)

Y buoyant soil weight, in weight density units
X depth
] angle of internal friction in sand
Cl Coefficient determined from Figure 26 as a functiop of

C2 Coefficient determined from Figure 26 as a functiog' of
C3 Coefficient determined from Figure 26 as a functiog' of
D average pile diameter from surface to depth

The lateral soil resistance-deflection (p-y) relationship for sand is also
nonlinear and in the absence of more definitive information may be
approximated at any specific depth X, by the following expression.

P=Anptanh [ (k Xy )/(A p)] (5)
where
A factor to account for cyclic or static loading continued.
A = 0.9 for cyclic loading.
A =(3.0-0.8X/D)=0.9 for static loading.
Pu ultimate bearing capacity at depth X in units of force per unit length
k initial modulus of subgrade reaction in force per volume units.
Determine from Figure 27 function of angle of internal friction.
y lateral deflection
X depth

Pile group. Consideration should be given to the effects of closely spaced
adjacent piles on the load and deflection characteristics of the pile group.
Generally, for pile spacing less than eight diameters, group effects may
have to be evaluated.

For piles embedded in clays. the group capacity may be less than a
single isolated pile capacity multiplied by the number of piles in the group;
conversely, for piles embedded in sands, the group capacity may be higher
than the sum of the capacities of the isolated piles. The group settlement in
either clay or sand would normally be larger than that of a single pile
subjected to the average pile load of the pile group.

For piles with the same pile head fixity conditions and embedded in
either cohesive or cohesionless soils, the pile group would normally
experience greater lateral deflection than that of a single pile under the
average pile load of the corresponding group. The major factors
influencing the group deflections and load distribution among the piles are
the pile spacing, the ratio of pile penetration to the diameter, the pile
flexibility relative to the soil, the dimensions of the group, and the
variations in the shear strength and stiffness modulus of the soil with depth.

It has been noted that piles spaced 5 pile diameters apart do not exhibit a significant group
effect.
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Soil Properties

The soil properties which influence the pile lateral deflection and are required for

definition of a spring model are as follows:

Cohesionless Soils

Y buoyant soil weight, in weight density units

(0] angle of internal friction in sand

Cohesive Soils

€ strain which occurs at one-half the maximum stress on laboratory
undrained compression tests of undisturbed soil samples

Y buoyant unit weight of soil, in weight density units

C undrained shear strength of undisturbed clay soil samples, in stress
units

J dimensionless empirical constant with values ranging from 0.25 to

0.5 having been determined by field testing. A value of 0.5 is
appropriate for Gulf of Mexico clays.

The following soil properties are taken from the NCEL Handbook for Marine
Geotechnical Engineering (1985).

Properties for Cohesionless Soil

clays

Type Standard [0) Relative Effective
Penetration (Degrees) Density, D Unit Weight,y,
Blow Count, N (%) (Ib/cu ft)
Very Loose to <10 28-30 0-35 45-55
loose
Medium Dense 10-30 30-36 35-65 55-65
Dense 30-50 35-42 65-85 60-70
Very Dense 50 + 40-45 85-100 60-70
Properties of Cohesive Soils
Type Undrained Shear Strain at 50% Effective
Strength, maximum stress Unit Weight, Yy
(Lb/sq in) € (Ib/cu ft)
Unconsolidated 0.35-1.0 2 20-25
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Normally 1.0 + 0.0033z 2-1 25-50
consolidated soils at
depth z , inches.

Overconsolidated
soils based on
consistency:

medium stiff 3.5-7 1.0 50-65
stiff 7-14 0.7 50-65
very stiff 14-28 0.5 50-65
hard over 28 0.4 50-65

Values of . can be estimated from the following table when other data is not available:

Shear €
Strergth %
Ib/sq ft
250-500 2.0
500-1000 1.0
1000-2000 0.7
2000-4000 0.5
4000-8000 0.4

Figures 28 and 29 show the variation of cohesionless soil effective friction angle as a
function of blow count and the variation of cohesive solil strain at 50 percent of maximum
stress as a function of shear strength.

Figures 30 and 31 give the buoyant unit weight and friction angle as a function of
depth (Forrest, 1996). The values shown are intended to represent the range of maximum
and minimum values found at a waterfront site, and as such to be the bounds to be used in
analysis of pile moments and displacements. The middle line in Figures 30 and 31
represents what is thought to be a frequently occurring typical value. Figures 32, 33 and
34 present undrained shear strength, strain at half the maximum stress, and buoyant
weight as a function of depth for cohesive soil. Again the data shown is intended to
represent the range of maximum and minimum values found at the waterfront.

Significance of Soil on Pile Moment

Figure 35 is taken from a Japanese Waterfront Handbook and gives a closed form
solution for maximum moment in the pile at the top of the pile and in the soil as a function
of geometry and soil elastic subgrade modulus. This derivation assumes a constant
subgrade modulus with depth and is a non-yielding elastic solution. Figure 36 shows the
variation in pile top moment with subgrade modulus and Figure 37 shows the variation in
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maximum pile moment at depth in the soil. As can be seen the soil modulus has effect on
the pile top moment at the lower range of subgrade modulus and lesser effect as it
increases. There is a much lesser effect on the pile moment at depth in the soil. There is a
major difference between the lateral resistance afforded by cohesionless soils compared to
cohesive soils. This suggests that the pile moments may be significantly influenced by the
type of restraining soil.

The shorefront soil conditions are spatially variable based on geologic process of
deposition. Near surface materials of the seafloor are influenced by tidal sediment
transport. Figure 38. is shows boring logs from a portion of the near shore region of the
Naval Air Station, North Island, California. The numbers in the figure are blowcounts and
are noted to vary laterally and with depth evidencing a range of medium dense to very
dense material. The soll types noted in the figure are common at the waterfront and are as
follows:

SP Poorly graded sands or gravely sands, little or no fines
SM  Silty sands and sand-silt mixtures
ML Inorganic silts and very fine sands, silty or clayey fine sands or clayey silts

CL Inorganic clays of low to medium plasticity, gravely clays, sandy clays, silty clays,
lean clays

Figure 39 shows the variation in blowcount for four borings near the piers at Naval
Weapons Station, Earl New Jersey. Figure 40 shows the same data showing the spread in
the data which is typical of blowcount data. The composition of the seafloor varies
horizontally and vertically in both density and composition. The presence of layers of

sands and clays may be noted; however these layers vary with depth and may not be
evidenced in all boring hole logs. Conservative engineering design practice establishes a
set of lower bound soil strength parameters which can be used uniformly throughout the
design and have a high assurance of being met across the site.

Soil - Pile Model

Figure 41 shows a finite element model in which a 24 inch diameter prestressed
concrete pile is represented by bilinear beam elements and the solil is represented by
bilinear spring connectivity elements. The soil is assumed to be a cohesionless material
whose friction angle varies with depth as shown in Figure 31 and whose effective unit
weight varies with depth as shown in Figure 30. Using the API equations for cohesive and
cohesionless soils results in the soil yield strength shown in Figure 42 expressed as pounds
per inch of pile length for the given pile diameter. Figure 43 gives the soil spring stiffness.
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The top of the pile was restrained against rotation and an increasing lateral force
was applied to the top of the pile. The results of the analysis show the pile initially yields
at the pile cap; a second hinge forms in the soil at a lateral load of about 18 kips at which
time a collapse mechanism occurs. The actual collapse load is a function of the soil type:

Soil Type Collapse Load,
Kips
Stiff clay 19.5
Upper bound of sand 18.5
Sand 18
Lower bound of sand 17
Soft clay 14.5

The pile deflection and moment at a lateral load of 10 kips are shown in Figures 44 and

45. The pile deflection and moment just prior to collapse are shown in Figures 46 and 47.
Figures 44 through 47 show the range of results for the full range of soil properties. The
above data represents what is believed to be a maximum spread in possible soil properties.
It can be seen that for the geometry studied the maximum moment occurs at the pile cap.
The location of the second hinge occurs in the pile at a depth of less than a third of the pile
embedment. For stiffer soils, the location of the maximum moment of pile in soil is within

the top 10 feet. Very soft soils lower the location of the pile maximum moment within the
soil embedment zone; however its magnitude tends to remain constant. The magnitude of
the moment in the pile at the pile cap increases as the soil stiffness decreases.

The study was repeated for the case of a 10-inch square prestressed concrete pile
having four 1/2-inch tendons. The soil properties were the same adjusted for the pile
width. The results show the same typical deflected shape pattern and moment diagram,
Figures 48 and 49. The maximum moment for this geometry is at the top of the pile at the
pile cap.

Typical Site Case

The data shown in Figure 39 is based on boring logs from the Carrier Dock Extension
project at Naval Air Station, North Island in the San Diego area. This site is typical of
West coast cohesionless sites. The four boring logs containing Standard Penetration data
shown in Figure 39 were used to estimate buoyant density and friction angle properties as
a function of depth. The soil profile for each boring formed the basis for establishing the
pile-soil model parameters shown in Figure 41. A horizontal load of 10 kips was applied

to the top of the pile at the pile cap. Figures 50 and 51 show the results of the four
analyses. The results show that even though there is substantial variation in blowcount
data with depth between the profiles, the pile response is relatively the same. There is
about 10 percent variation in pile cap displacement. Appendix A presents a comparison of
lateral load test data and comparisons with p-y curves computed using the API equations.
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Pile Analysis

To study the behavior of a pile under cyclic loading the DRAIN2DX program was
used to analyze a single 24-inch diameter octagonal prestressed pile whose properties are
shown in Figure 10a and Figure 11. Figure 52 shows the finite element model of the beam-
column elements excluding soil spring elements. The pile was modeled as a bilinear elasto
plastic material defined by the axial force-moment interaction diagram in Figure 11.
Attached to each node was an inelastic nodal connectivity element with bilinear stiffness
and gaping representing the soil restraint around the pile. For the first analysis the soil
degraded stiffness was reduced to one-third of the initial stiffness which precludes large
yielding and represents a stiff condition. The pile was restrained against rotation at the top
and a lumped mass was used to represent the pier deck.

A static horizontal force was applied to the top of the pile in what is termed “ a
push-over analysis”. Figure 53 shows the pile moments with depth for three load levels
and Figure 54 shows pile deflection with depth. Figure 55 gives displacement of the top
of the pile. The pile developed its first plastic hinge at the top, Node 1 Element 1, at a
load of 130 kips. A second hinge developed at Node 9 Elements 8 and 9 at a load of 210
kips. This inelastic behavior spread upward to Node 8, Elements 7 and 8, where a third
hinge occurred at about 260 kips. Figure 56 gives the element net deflection determined
by subtracting the horizontal lower node displacement from the upper node displacement.
Figure 57 gives the plastic hinge rotation at the ends of each element sustaining inelastic
behavior. The locations of the hinges and hinge sequence are also shown.

The following illustrates the computation of ductility. The table summarizes the
plastic hinge rotation from the pushover analysis using DRAIN2DX.

Plastic Hinge Rotation

Element 1 Element 7 Element 8 Element 9
P Node 1| Node2d NodeT Node|l8 Nodg8 Node9 Node?9 Ndde
kips 10
130 | vyields
210 | .01024 yields yields
260 | .02960 yields yields | .00701| .00934
300 | .04912 .00854 .01294 .00701 .009384
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For the example pile from the moment curvature figyre 0.00025

For the pile in the examplg,E 18 in.

Node 1 Element 1

Load step 26 P = 260 kips

From the DRAIN2DX pushover analysis the plastic hinge rot&jen0.02690
®= 6, /L, =0.02690 /18 =0.00149

ho= 1+@/q = 1+ (0.00149/00025) = 6
L
Hy =1+ 3, - 9 P (1- 057)

From moment - depth plot for Load Step 26 the distance from the hinge at Node 1 to the
point of contraflexure, L =27 inches See Figure 58.

Ma= 1+ 3(6-1)(18/27)(1-0.5(18/27)) = 7.67
For Load Step 30 P = 300 kips
From the DRAIN2DX pushover analysis the plastic hinge rot&jen0.04912

@®= 6, /L, =0.04912 /18 =0.00273
U= 1+@ /@ = 1+ (0.00273/00025) = 12

From moment - depth plot for Load Step 30 the distance from the hinge at Node 1 to the
point of contraflexure, L =22 inches

Ma= 1+ 3(12-1)(18/22)(1-0.5(18/22)) = 16.95
Node 9 Element 8 and Element 9
Load step 26 P = 260 kips

From the DRAIN2DX pushover analysis the plastic hinge rotation is found from summing
the rotations for element 8 and element 9, both of which yield at no@}e=90.01636

@®= 6, /L, =0.01636/ 18 = 0.000909

U= 1+@/@ = 1+ (0.000909/00025) = 4.63
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Ho=1+3Ap, - P (1- 057)

From moment - depth plot for Load Step 26 the distance from the hinge at Node 9 to the
point of contraflexure, L =69 inches

A= 1+ 3(4.63-1)(18/69)(1- .5(18/69)) = 3.47
over both elements 8 and 9 node 9

For Load Step 30 P = 300 kips

Elements 8 and 9 at Node 9 yield at P = 210. At P = 260, node 8, elements 7 and 8,
yields. At this point the plastic rotation at node 9 remains constant and further increases in
loading are carried by increases in rotation at node 8. The yielding at nodes 8 and 9 is
viewed as an extension of the second hinge rather than a formation of a third hinge. In so
doing an approximation is made to sum all the rotation for nodes 8 and 9 into a lumped
approximation. From the DRAIN2DX pushover analysis the plastic hinge roégton
0.03784. The distance to L from the hinge to point of contraflexure is decreased to 62.

@®= 6, /L, =0.03784 /18 =0.00210
Ho= 1+@/g = 1+ (0.00210/00025) = 9.4
Ha= 1+ 3(9.4-1)(18/62)(1-0.5(18/62)) = 7.25

If a criteria were set that the maximum element displacement ductility could not
exceed a value ofi, = 5.0, avalue of P around 240 kips cauggs= 5.6 at node 1
element 1 based on an L = B3,= 0.01964, andi, = 5.36. So the limiting value would
be slightly less than P = 240 with a pile tip deflection of about 2 inches.

The pile was reanalyzed using a bilinear stiffness consisting of the average soill
stiffness and a degraded stiffness of .01 times the initial stiffness. This represents a much
more realistic soil condition. Figures 59 shows pile moment and Figures 60 and 61 give
pile deflection. In this case the pile first yields and develops a hinge at the top at a
horizontal load of 110 kips; a second hinge forms at node 9 element 9, at a horizontal load
of 170 kips followed immediately by large deformation. Comparing Figure 53 with Figure
59, we can see that the softer soil causes the pile moment diagram to a different shape
stressing the pile at greater depth. The contraflexure points are lower. Comparing Figure
55 with Figure 61, we note that the softer soil results in lower load capacity and a flat
yield plateau with a well defined failure load point. This illustrates the significant
difference in response between an bilinear non-yielding soil response with a yielding soll
response. Accurate computation of pile capacity requires capturing the soil load-
deflection properties accurately as a function of depth. The Navy has previous developed
the computer program SAPIER for the analysis of piers. This program was developed
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from the elastic finite element analysis program, SAP. It utilizes linear elastic spring
stiffness representations of the soil supporting the piles, and as such would be suspect as
giving erroneously high pile lateral force capacities.

The pile with yielding soil properties was analyzed dynamically. The fundamental
mode shape is shown in Figure 62. A dynamic time step analysis was performed in which
the El Centro earthquake record scaled to 0.45g , Figure 63, was applied to the pile model

in a horizontal direction. Under the dynamic loading the soil was permitted to cycle in a

nonlinear mode with gapping. Figure 64 shows the pile top displacement and Figure 65
shows the pile deflection envelope. Under a peak horizontal acceleration of 0.45 g, the
pile reaches ultimate moment intermittently in element 1, nodes 1 and 2, and element 2
node 2. The loading is increased an summarized as:

Absolute Cumulative Maximum Plastic Hinge Rotation

Element 1, Element 2, Element 2, Element 2
Node 1 Node 2 Node 2 Node 3
0.45g .000469 .000154 .000047 0
0.68g .00199 .00109 .000507 0
0.90g .00463 .00299 .00187 0
1.35¢g .0136 .0100 .00755 0.00204

The ultimate capacity of the pile is predicted from the static analysis at an acceleration of;
a = Horizontal Failure Load/ Mass = 170/ 117 = 1.45g

This is a good approximation of the ultimate strength in this case although the amount of
yielding is more extensive.

It should be noted that use of DRAIN2DX requires careful preparation of the
input data. The program considers yielding to be an event and has a provision to include
events within a time step. This is important to convergence of the stiffness. Additionally
selection of variable time step to allows the program to reduce the time step to produce
convergence and hold error tolerance when yielding occurs. The program has a bilinear
connectivity element used to model the soil. If a trilinear representation is desired 2
elements can be used in parallel. The stiffness of the first element is set at the desired
reduced stiffness level. The stiffness of the second element is set at the difference between
the desired initial stiffness minus the reduced stiffness. When both elements are used their
stiffness add together and the desired result is achieved.

Pile - Pile Cap Connections
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Joen and Park (1990b) tested 3 types of pile - pile cap connection, all of which
performed in an acceptable manner. The first type consists of roughening the upper
surface of the pile using a jack hammer to producing 1/8 inch deformations, embedding
the pile in the form work for the pile cap and casting the pile cap concrete around the pile,
Figure 66. Spiral reinforcement is placed around the exterior of pile. The pile cap
reinforcement is designed to withstand the pile moments with a factor of safety. The depth
of embedment should exceed the transfer length for development of full prestress. This is
an easy connection to construct and ranked first. Figure 67 shows a second connection
procedure in which the concrete at the end of the pile is removed by jack hammering and
the exposed steel is used for anchorage in the pile cap. A nut can be inserted in the
prestressing tendon for additional anchorage as shown in the detail. This concept is ranked
second. Figure 68 illustrates a procedure of using dowel bars inserted in holes drilled and
epoxied into the pile. A spiral reinforcement is placed around the longitudinal reinforcing
and ends of the rebar in the pile cap have 90 degree bends for anchorage. When this
concept was tested, post elastic deformations concentrated to form a wide crack at the
pile-pile cap interface restricting plastic hinging. This option was ranked third. All of the
concepts provided a ductility of at least 8. Spalling of the concrete cover was observed to
commence at a displacement ductility of about 2. It was shown above that the ends of
prestressed piles have transition regions where full prestress can not be developed. The
code requirements for transition length development are 50 tendon diameters and for
development length are 140 diameters. For the first concept, Figure 66, the transition
length was contained within the pile cap at which the full prestress force could be
developed. It was then assumed that the prestress force increased from the full prestress
force to the ultimate stress of the prestressing steel over the next 90 bar diameters (50 +
90 = 140 diameters). These limiting values of tendon stress result in pile moment
reductions over these sections. For the second concept, Figure 67, the tendons were not
prestressed in the pile cap. Based on the length of tendon in the pile cap a prestress force
was determined at the pile-pile cap interface based on the ratio embedment length of the
tendon in the cap divided by the 140 tendon diameter times the ultimate strength of the
prestress force. The third concept utilized the full reduced tendon stress of the pile but
allowed for embedment of the conventional reinforcing dowels Allowance for these
reductions in capacity was shown to be the most accurate representation of pile moment
curvature and a conservative approach indicating that spiral containment in the cap
facilitated development length.

Pier Analysis

A typical pier was selected for study. The pier was 80 feet across and a typical
bent is illustrated in Figure 69; such a pier is used for berthing destroyers and cruisers.
The 9 piles are 24-inch octagonal prestressed piles discussed in the previous section. The
pier was modeled by a 2-dimensional analysis. A static lateral force push over analysis
was applied in conjunction with the standard vertical dead and live loads. It was found
that the pier resisted 261 kips applied horizontally before collapse began. This is equal to
an equivalent static lateral force (acceleration) coefficient of 0.25 g. Yielding of the piles
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at the deck level with the formation of the first hinge; a second hinge developed at the
mud line depth which produced a collapse mechanism. The structure underwent large
gradual deformation near failure. The structure was analyzed using the El Centro
earthquake record as a dynamic lateral load function. The structure was able to undergo
large deflection without the occurrence of a computational instability indicating collapse.
As a practical limit, a 10-inch displacement was set as an effective limit. This occurred at a
lateral load of about 0.75g.

The pier was modified by the inclusion of 2 24-inch octagonal prestressed
concrete batter piles as shown in Figure 70. The extent of restraint provided by the batter
piles is a function of soil restraining the piles. Modeling of batter piles involves not only
the horizontal py soil resistance but also the tz vertical soil resistance and the amount of g-
w end-bearing. These will be discussed in the next section. For this case, the batter piles
had a significant stiffening effect on the structure. A static lateral force push over analysis
was performed and a lateral force of 648 kips was found to cause collapse which is
equivalent to a static lateral force coefficient of 0.63g. As loading increased the batter pile
in tension reached its failure capacity first. When this pile failed load was transferred to the
remaining batter pile which failed causing failure of all the remaining piles. The structure
performed in a brittle manner such that collapse occurred immediately after the first pile
failed. This structure was also analyzed using the El Centro earthquake record as a
dynamic lateral load function. Collapse occurred at a peak horizontal acceleration of about
0.99. The structure had substantially reduced lateral displacements compared to the pier
without batter piles. Again the onset of batter pile failure resulted in the rapid collapse of
the structure and was initiated by exceeding pile tensile limits.

Batter Piles

Previous sections focused on the lateral resistance of vertical; to fully understand
the behavior of a batter pile it is necessary to review the axial pile soil skin friction (tz
component) and the pile end bearing (qw component). For a vertical pile the axial and end
bearing components are also vertical. Figure 71 shows the force components acting on a
vertical pile. The spring elements are intended as visual aids to represent the forces acting
along the entire length of the pile. ultimate capacity of a vertical pile is given by:

Q=fAs +gA
where
f Unit skin friction, tz
As  Area side surface of pile
q Unit end bearing capacity, qw

Ap Area of end of pile

For cohesive soils the skin friction is

40



where

and
C
U
Po’

f=ac

a=05p 2 yP<1.0
a=05p % yP>1.0
Undrained shear strength

c/py
Effective overburden at point in question
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For cohesive soils the end bearing unit stress of piles is:
q=9c

For cohesionless soils the unit skin friction is:

f=Kp, tan o
where
K dimensionless coefficient of lateral earth pressure, usually = 1
0 friction angle between the soil and pile

For cohesionless soils the unit end bearing stress is:
q=p Ngq
API (1994) gives procedures for computing tz axial force-deflection curves and qw end
bearing-deflection curves which define the soil resistance pictured in Figure 71. For
comparison consider the following for cohesionless soils:
Lateral Vertical

pu/D = (cl X + C2 Dy X/D f =KptandD

for a depth of 10 feet, 18-inch pile diameter

pu/D 0 (14)y X fO(7)y X
For cohesive soils
Lateral Vertical
pulll0c (gl c

From the above it may be seen that the py lateral resistance is much greater than the tz
axial skin friction. For this reason it is logical that most of the lateral resistance of a pile is
mobilized in the near surface region of a pile to a depth of 5 to 10 pile diameters. To

resist vertical loads without end bearing requires long pile development lengths. End
bearing is a significant component in pile capacity. The magnitude of the end bearing
resistance is on the same order as the lateral resistance. The capacity of a pile in tension is
much less than in compression and less than in lateral resistance. Having reviewed the
fundamentals of vertical pile behavior, it is now possible to discuss batter piles.
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Figure 72 illustrates a batter pile based rotation of a vertical pile. For simplicity the
forces are kept normal and axial to the pile. Consider as the tz axial resistance of the soil
goes to zero the pile would tend to slip out of the ground with minimal axial loading in
tension. The modeling of a pile by finite element representation must accurately capture
this interaction. In a finite element model it is possible to use spring/truss elements to
model the soil resistance. Use of horizontal and vertical springs to model the components
of py and tz resistance would introduce a major problem of how to combine these
elements. The axial tz acts independent of the normal py and must allow pile slippage.
End bearing is an axial component. After a number of trial iterations of various models,
the only model recommended for use is one with spring elements axial and normal to the
batter pile. Additionally the end bearing must be an axial spring. All py, tz and qw load
deflection curves are based on the depth of the element below the ground surface.

A analysis was performed on batter pile with a 1 horizontal to 2 vertical slope
driven to a depth of 50 feet and loaded laterally at a height of 3 feet above the ground.
The pile was a 24-inch circular pipe pile in medium sand. The soil py and tz curves were
calculated at intervals of 1 foot using the equations in API (1994). Normal and axial soil
springs were spaced at 1-foot intervals for the first 20 feet and then at 2-foot intervals.
The soil springs utilized bilinear material properties. A vertical load of 20 kips was used.
The lateral capacity of the batter pile when pulled horizontally in a direction away from the
batter was 12 kips compared to 36 kips when pulled horizontally in the direction of the
batter. The lateral capacity of an equivalent vertical pile was 20 Kips.

From a series of studies of a batter pile it is concluded that the lateral load capacity
of the batter pile is dependent upon the vertical load of the pile. When the lateral load acts
horizontally opposite to the direction of the batter, a component of this load acts on the
pile axially in tension. The vertical load offsets this effect and can increase pile capacity up
to a limit. This is generally the direction of lower pile capacity. When the lateral load
acts horizontally toward the direction of the batter the vertical load resists the moment
caused by the lateral load and reduces deflection.

The vertical distribution of pile soil reaction is a function of pile length. The longer
the pile the greater the friction along the pile and the less in end bearing. Since stiffness
increases with depth more force is transferred into the soil at deeper depths (assuming pile
compression is not significant).

Seismic Isolation of Piers

The concept of isolation of the pier deck was examined by modification of the
structural model used in the previous section and shown in Figure 69. The piles were tied
together by a horizontal beam. The deck was located above the beam and attached to the
beam by a lateral spring of controlled stiffness and a stiff vertical spring. About 85 percent
of the mass was assigned to the deck portion with the remaining assigned to the
substructure. A series of dynamic analyses showed that the deck could be isolated from
the majority of the lateral force. The substructure underwent limited deformation
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remaining near elastic with only slight plastic behavior. At a lateral acceleration of 0.45¢g
the substructure had a peak displacement of about 6 inches, the deck of about 8 inches,
Figure 73. Relative displacements of up to 4 inches occurred, Figure 74. Accelerations in
the deck were lower than those of the substructure, Figure 75. The analysis was repeated
at twice the loading, 0.9g; Figures 76, 77 and 78 give the results. A combination of
substructure strength and isolation spring stiffness can control the amount of
displacement. The pier with batter piles shown in Figure 70 was isolated in a similar
manner. Results are shown in Figures 79 to 81 for a peak acceleration of 0.45g and in
Figures 82 to 84 for a peak acceleration of 0.99. The fundamental period of response of
this stiffer structure is higher that the pier without batter piles. While the substructure
displacements are less than the pier without batter piles, the deck displacements are
greater causing a higher relative displacement. Deck and substructure accelerations are
higher.

The conclusion of this brief study is that it is feasible to isolate a pier with today’s
technology. One problem area is resisting the lateral fender berthing impact forces. This
may be accomplished by separating the fender system from the deck. Figure 85 presents a
concept for developing an isolated pier system.

P - Delta Effect

One element of structural analysis should be noted- that of the P - delta effect. This
is usually thought of as a secondary effect of the additional moment which is imposed on a
column by the axial load acting on a moment arm caused by the deflection of the top of
the column. For piers and bridge structures this can be significant. Duan and Cooper,
1995 discuss this extensively and conclude that the effect should be included in seismic
analysis. To illustrate the Figure 86 shows the static load deflection diagram for the pier in
Figure 69 subject to a static lateral load pattern applied in steps as a push over analysis.
The DRAIN2DX program has the provision for the P-delta effect. Note the difference in
peak capacities. When the P-delta effect is included the structure sustains an instability
under force loading and the solution terminates.

Use of Elastic Response Spectra Techniques

The above section have illustrated the need for nonlinear representation of the soil-
pile interface and the fp-effects. Use of linear response spectra and force reduction factors
in building codes has been common practice. Such techniques should be avoided where
possible in pier design to insure the accuracy of the solution. The pier in Figure 69 was
analyzed for the El Centro earthquake. It was found that a time history analysis with the
earthquake record scaled to 0.38g peak horizontal acceleration proqueet @ndition
with threshold yielding at the pile cap. By a nonlinear time history analysis,&
condition was found to occur at a peak horizontal acceleration of 0.79g. A linear elastic
response spectra analysis was performed using the 5 percent damped EIl Centro response
spectra scaled to 0.38g. The computed displacements were about 3 percent lower that

44



those found from the nonlinear time history analysis. Good agreement would be expected
because the structure is responding elastically and the soil springs are at low enough level to
be behaving essentially without yield. The spectra was multiplied by the desired ductility

level of 3.0 and the structure analyzed for this increased spectra. The computed
displacements were about 5 percent lower that those of the nonlinear response spectra. In
this case agreement is satisfactory; however the general case can produce results where
agreement could be much worse especially where soft soils would undergo more nonlinear
behavior. For this reason it is suggested that the nonlinear techniques are preferable and that
the linear techniques should be used only with caution. The case analyzed had a
fundamental period of the pier of 1.39 seconds which is near the constant velocity portion of
the spectra. Results might not have been so favorable had the pier had a shorter period.

Development Of Waterfront Seismic Criteria

The following section contains the proposed criteria in italics. Additional explanation is
inserted where needed.

Performance Goal

The goal of this criteria is to standardize the seismic design of Navy piers and
wharves providing an acceptable uniform level of seismic safety for all waterfront
locations. This criteria is intended to produce a level of design in Navy piers and wharves
such that there is a high probability the structures will perform at satisfactory levels
throughout their design lifdVaterfront structures have been classified as essential
structures. Although the criteria focuses on the regions where seismicity is highest such
as on the West Coast, it is applicable to other zones as ®pkcifically for structures
located in areas of high seismicity, such as Uniform Building Code designated Seismic
Zones 3 and 4, structures shall be designed:

e To resist earthquakes of moderate size, Level 1, which can be expected to occur one
or more times during the life of the structure without structural damage of
significance.This represents a condition of expected repeated loading.

e To resist major earthquakes, Level 2, which are considered as infrequent rare events
maintaining life safety, precluding total collapse but allowing a measure of
controlled inelastic behavior which will require repairhis represents a condition of
expected loading to occur at least once during the design life of the structure. In reality
most Navy structures end up being used well beyond their design life.

e To preclude release of hazardous and polluting materials such as with fuelliers.
intention is to prevent spills on fuel piers. This may be accomplished by installation of
cutoff valves, and containment to limit the size of the spill and prevent its spread. It
may also be accomplished by increased strengthening of components.
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To utilize life-cycle cost analysis where necessary. Since piers and wharves are not
like high occupancy building structures which can collapse on occupants, loss of life
is a less significant design issue. At times the seismic hazard is dominated by a large
active fault in close proximity to a proposed wharf location. In such cases the
designer shall consider structure life cycle economics in selection of design loading
and structural performance criteria. Life cycle cost analysis shall consider initial
costs of seismic strengthening and expected facility damage and loss over the
expected operational life.This section is intended to allow the designer freedom to
consider economic analysis of alternative load conditions in the infrequent case where
a local fault dominates a site and is capable of very high ground motions. Such a
condition requires specialized extensive evaluation of the site hazard.

To consider liquefaction as a major waterfront problem. The designer shall consider
liquefaction factors of safety in design of remedial measures of backfill. Rigid
adherence to developing fixed factors of safety may not be economically achievable.
The intent is place more credence in the expected deformations and consequences of
liquefaction which will occur rather than the simple factor of safstgurance of

limited deformations shall be given precedence over a factor of safety. The designer
shall have the option of using current technology to demonstrate that settlements and
lateral deformations are sufficiently limited to insure structural performance and
factors of safety lower than limit values may be uBgdurrent technology, we mean

the use of procedures for the computation of vertical and lateral deformations.

In general all waterfront construction falls within the category of essential construction.
The Navy policy is to minimize downtime for these facilities. Determination of essential
construction shall be determined by the user in conjunction with the Naval Facilities
Engineering Command Headquarters. Piers and wharves shall be considered essential
construction Emphasis shall be placed on minimizing downtime and interruption to
mission essential functions.

Design Earthquakes

The pier or wharf structure shall be designed to resist the loading produced by:

A Level 1 earthquake with a 50 percent probability of exceedance in 50 years
exposureThis is a nominal 475- year return time event ground motion.

A Level 2 earthquake with a 10 percent probability of exceedance in 50 years
exposureThis is a nominal 950-year return time event.

Additionally piers and wharves which are part of fueling systems shall be evaluated
for an earthquake with a 10 percent probability of exceedance in 100 years exposure.

The determination of the design earthquake shall be performed using techniques
described in NFESC TR-2016-SHR or other equivalent procedures.
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Structure Response At Design Loading Levels
The response of the structure under the design earthquake levels shall be:

e For alLevel 1 earthquake, essentially elastic response is required throughout the
structure.

e For a Level 2 earthquake, limited controlled inelastic behavior with maximum
ductility factors of

Pier Prestressed Concrete Piles

1.5 Pile moments in ground
3.0 Piles at pile cap
1.5 Batter piles at pile cap

Wharf Prestressed Concrete Piles

2.0 Pile moments in ground
5.0 Piles at pile cap
2.5 Batter piles at pile cap

Steel Piles for both Wharf and Pier
5.0 Vertical piles only
3.0 Vertical and batter piles

Composite Steel and Concrete Piles
for both Wharf and Pier
5.0 Vertical piles only
3.0 Vertical and batter piles

As noted from preceding sections the development of the ductility limits was not
arbitrary; but rather is based on the recent developments in structural research and current
practice. We have considered the effects of batter piles and the high damage observed
during recent earthquakes. We also consider for prestressed concrete piles the difficulty
of inspecting piles in soil and the potential for corrosion and loss of strength from
cracking. For this reason we limit the below ground ductilities. Recall from the sections
above that section curvature and displacement ductility are related by 1/L. Thus tall piles
in piers have different ductility limits compared with shorter piles in wharves.

Displacement ductility is related to curvature and noted to be inversely dependent

on pile length. Piers have longer piles than wharves and the above ductility limits are
intended to reflect that factor. It is intended that Level 2 curvatures be safely less than

47



ultimate curvature. The pier or wharf shall be designed as a ductile moment resisting
frame supported by vertical piles reinforced and so connected to the structure as to form
an integral part of the ductile moment resisting frame. Use of batter piles as lateral

force resistant elements in wharves is prohibited unless special design provisions are
made to reliably demonstrate that the batter piles have sufficient strength and ductility at
the pile cap to perform under design loading conditidtrevious experience has shown
batter piles are very stiff and are easily damaged. The intent is to discourage their use for
most wharves which can achieve lateral stiffness through vertical piles and other restraints.
For the few exceptions which might exist, proof of functionality is requifdxhtter piles

are used, allowable ductilities at the pile cap shown above shall be reduced for the Level
2 earthquake.

For a wharf, design of the under-wharf dike retaining structures as a minimum
shall have permanent horizontal deformation of the slope computed by a Newmark
analysis and such deformation shall not exceed:

e For a Level 1 earthquake, 4 inches

e For a Level 2 earthquake, 12 inches

Design of sheet pile bulkheads, dikes and retaining structures shall include
provisions to resist full liquefaction of the backfill and for expected potential lateral
spread deformation. Retaining structures shall be designed using provisions in NCEL
Technical Report R-939. Liquefaction and lateral spread shall be computed based on
guidance in NCEL Technical Note 1862.

All crane rails shall be supported on piles including the seaward and the
landward rail. Refer to Kobe earthquake damage where settlements caused spreading of
the crane rails and collapse or buckling of cramés. crane rails shall be connected
horizontally by a continuous deck, beam or other means to control the gage of the rails
and prevent spreading. The rails shall be grounded. For corrosion protection, it is
advantageous to insulate the reinforcing steel in the piles from that in the deck.

The presence of any potentially liquefiable materials in backfill areas shall be
fully analyzed and expected settlements computed. Specific attention shall be paid to the
acceptability of the amount of settlements. Under Level 1 earthquakes large
deformations resulting in widespread pavement disruption should be avoided where
economically feasiblelhis is a condition expected to occur a number of times during the
life of the structure. Extensive repairs after each earthquake are not desired.

e For a Level 1 earthquake the Factor of Safety against liquefaction in the backfill

should be 1.5 or higher with settlements of about 1 inch or less and lateral
deformations of about 3 inches or less.
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e For a Level 2 earthquake the Factor of Safety against liquefaction in the backfill
should be 1.0 or higher with settlements of about 4 inches or less and lateral
deformations of about 6 to 12 inches or less. Where it may not be possible to achieve
a Factor of Safety greater than 1.0, a Factor of Safety greater than 0.9 may be
considered as long as the computed deformation state is shown to have limited
controlled settlements and lateral spread equivalent to the values si&ted.
emphasis is on performance rather than factor of safety only.

Piers and wharves containing fueling systems shall be evaluated for an
earthquake with a 10 percent probability of exceedance in 100 years exposure to insure
that a spill of hazardous material is precluded. This may be accomplished by providing
containment systems should there be breaks in fuel containment system element or by
strengthening these elemerslditional guidance is contained in the lifeline criteria.

* Preclude release of hazardous and polluting materials for an earthquake with a 10
percent probability of exceedance in 100 years exposure.

Existing Construction

Seismic reviews of existing waterfront construction directed by requirements of
the Naval Facilities Engineering Command shall utilize the above criteria for new
construction as the target requirement for upgrade. The requirement for evaluation of
the seismic resistance and possible upgrade is triggered when the loading on the
structure changes such as when the mission of the structure is changed or when the
structure requires major repairs or modifications to meet operational needs. When it is
shown to be impossible or uneconomical to achieve new construction levels of
performance, an economic life cycle cost analysis shall be performed to determine the
most cost effective level of seismic design upgrade. Various alternative upgrade levels
shall be considered ranging from the existing condition to the maximum achievable.
Each alternative shall be examined to determine the cost of the upgrade, the cost of
expected earthquake damage over the life of the structure and the impact of the damage
on life safety, operational requirements, and damage to the environment. The choice of
upgrade level shall be made by the design team based on a cost effective strategy
consistent with requirements of life safety, operational needs and protection of the
environment.

Use of AASHTO 1996 Code Provisions with This Criteria

The DM 1025/1 calls for use of the AASHTO Code for guidance. That
requirement is maintained subject to changes contained in this criteria. The AASHTO
Code specifies that the structure shall be elastic under small to moderate earthquakes
and that “exposure to shaking from large earthquakes should not cause collapse of all or
part of the bridge. Where possible damage that does occur should be readily detectable
and accessible for inspection and repair.” This criteria follows the same guidance but is
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more definitive in establishing specific earthquake levels and more definitive response
criteria. This criteria is designed to insure piers are repairable under the Level 2
earthquake. Further piers are to be classified as AASHTO Category | structures as
essential. Division 1A of the AASHTO Code Section 3.2 presents acceleration maps. For
pier projects site specific seismicity studies are to be performed in lieu of the maps.
Because waterfront soils generally fall in the worst category of site response, as part of
the site study, local site response shall be analyzed using as a minimum 1-dimensional
wave propagation techniques to determine local site amplification. Soil response
described in AASHTO Section 3.6 shall be based on the local site response analysis in
lieu of the specified equations.

AASHTO Section 3.9 prescribes for the combination of orthogonal seismic force
components. Section 4 describes analysis requirements and Sections 4.5 and 4.6
describe the multimode response spectra and time history analysis procedures. Since
piers depend heavily upon the nonlinear soil structure interaction of piles and soil,
nonlinear time history procedures are strongly recommended for the analysis of a pier.
Only AASHTO procedures 3 and 4 are to be used for pier analysis. Since the response of
the pier under Level 2 earthquakes is expected to be nonlinear use of Section 3.9
provisions for combination of orthogonal components are only approximate. To account
for the orthogonal effects of seismic load components, a full 3-dimensional pier model is
recommended to directly allow for inclusion of all the earthquake components. Actual
earthquake records of orthogonal components can be used to represent the seismic
loading. Typically one of the components is at a reduced acceleration level compared to
the primary component. Vertical acceleration may be included as a loading component
but is not required. Use of vertical component acceleration may not be used to reduce the
lateral response.

Provisions of AASHTO Chapters 5,6 and 7 shall be applicable to piers including
combination of load components with changes in earthquake loading required to meet
this criteria.

Life Cycle Cost Analysis

Life cycle cost analysis shall be performed using the provisions in NAVFAC P355.2
Chapter 7 and the guidance in NCEL Technical Notes N 1640 and N 1671.

Discussion Of Criteria

The criteria presented above is developed from a compilation of current practice
by many agencies combined with state-of-the-art technology for estimation of seismic
damage potential. It is not a revolutionary step forward but rather an evolution of design.
Currently the Navy has used technology contained in NAVFAC P355.2 manual for the
design of wharves and piers. This manual was intended for design of essential buildings
and utilizes elastic response spectra techniques. The information presented above shows
the design of a pier is a major soil-structure interaction problem and the need for realistic
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nonlinear representation of soil forces. The NAVFAC P355.2 focuses only on the
specification of earthquakes having a 50 percent and 95 percent probability of
nonoccurrence in 50 years. Prior to this specification we did not have a definition of
required pier/wharf performance, nor of the structural response parameters such as
ductility to achieve the required level of performance under the assigned load. This
specification has developed a cohesive integrated criteria specifying:

1. The required pier performance under expected loads

2. Specification of the expected loads

3. Specification of ductility limits to ensure structural response limits to achieve
performance requirements.

The criteria reduces the Level 2 earthquake from the 950-year earthquake
specified in NAVFAC P355.2 to the 475-year earthquake ground motion. This is
important because we have reduced the ground motion substantially. In the San Diego
area, for example, the ground is reduced from 0.6g to 0.4g. But of much more
significance we can predict the 475- return time ground motion with greater reliability than
the 950-year event. This translates into a significant reduction in the 95 percent
confidence bounds on the estimated motion. We have shifted the criteria points into
regions where we can predict loads with greater reliability and also predict structural
response with greater reliability. This translates into a significantly more predictable
system. This was suggested by the reliability analysis performed on a typical Navy wharf
as an early part of this effort, Putcha and Ferritto (1995). That work was significant in
defining the major areas of uncertainty and shaped the direction for the criteria.

The overall effect on the design, selection of pile sizes and cost of the pier is not
expected to be great; however, the assurance in meeting performance goals is thought to
be substantially enhanced. By lowering the loading we have made it easier to compute
with higher reliability. By defining the response to modest levels of ductility, we have
reduced the need to compute collapse levels of large nonlinear inelastic deformation which
can not be accomplished with high certainty.

In the application of this criteria to existing construction, it is thought that the
objective of a uniform set of performance goals should be maintained across the
waterfront. We should examine the structure under the requirements of the criteria.
Where we lack adequate capacity in the existing system, it is thought better to strive for
the performance goal, develop several candidate upgrade alternatives, and then perform
an economic analysis to determine what is the most cost effective solution considering the
potential for a damaging earthquake and the existing lateral force system. This approach
is preferred over any system which arbitrarily establishes some percentage reduction of a
new-construction criteria. Any single reduction coefficient is probably not optimal over a
range of structures and is at best arbitrary.
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Figure 1. Bulkheads 4 and 5 at Nakano wharf, Sendai Port.
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Figure 9. Axial force-moment diagram for prestressed concrete.

71



"wesgelp danjeAind-judwow did [euode;do [edrdL] egy dandiy

(peJ/L) ainyeains

£0-309'} €0-30v°} €0-30C°1 €0-300'} $0-300°8 ¥0-300'S ¥0-300'v ¥0-300¢C 00+3000
00+3000

€0+300°}

€0+300°¢C

€0+300°€

€0+300%

€0+300'S

€0+3009

ul) Juswiop

(diy

72



*311d 10§ WRASRIP UN)BAIND JUIWOJA *qQ] N3]

(uyL) asmeasnd

€0-30C°} €0-300°4 $0-300'8 $0-300'9 $0-300'% $0-300C 00+300°0
00+3000

£0+300°1

€0+300C

£0+300°¢

€0+300

€0+300°S

£0+3009

diy) uswopy

{u

73



we.agerp Jusurour-ad.05 eixe apid jruoFe;oo [edard4Ay 11 aan3iy

(dnt-ui) Juaiop

£0+3

(dpy) 3snay L jeixy

74



‘ MOMENT

My T | %
#¢ = ¢m0x
¢y
CURVATURE
.
¢Y ¢mox
*MOMENT 4 EQUAL AREA
e / /\ //

My

”~

REINFORCEMENT YIELDS

QUIVALENT

_ ¢equiv.

,LL ¢equi;. 4>y

—= ¢

. v
¢mox ¢equiv,

Figure 12. Equivalent ductility.
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Figure 13. Relation between curvature and displacement.

76



Note: Represents
point of contraflexure
in continuous member -‘

g2 4

y

~

Figure 14. Elastic and plastic deflection.
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Cylindrical boundary zone around pile

Figure 20. Pile separation and zone of plastic behavior.
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kh/G 4.28 4.17 2.32
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(a) (b) (c)

Figure 21. Influence of model on behavior.
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Figure 22. Typical p-y curve.
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Figure 23. Gapping and hysteretic behavior.
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(a) Sand . (b) Clay

Fiéure 24. Cyclic behavior for sand and clay.
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Figure 25. Shape of p-y curves for soft clay
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Figure 26. API Coefficients for sand.
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Figure 27. API initial modulus of subgrade reaction.
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Depth (ft)

Figure 30. Variation of buoyant weight with depth for cohesionless soil.

Buoyant Weight (Ibs/cu ft)
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Depth (ft)

Figure 31. Variation of friction angle with depth for cohesionless soil.
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Depth (ft)

Figure 32. Variation in undrained shear strength for cohesive soil.

Undrained Shear Strength (Ib/sq in)
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Depth (ft)

Figure 33. Variation with strain at 50% maximum stress
for cohesive soil.
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Figure 34. Variation of buoyant weight with depth for cohesive soil.
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Figure 39. Individual soil boring SPT test data.
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Figure 40. Variation in blowcount with depth.

Blowcount, N

104



Depth (in)

600 +

200 +

o
o—i
t

-200

600 L

O-OOod

O
D RN gun an o o o 4

o

Figure 41. Finite element pile model.
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Figure 42. Variation in soil spring yield strength, 24-inch D pile.
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Figure 43. Variation in spring stiffness with depth, 24-inch D pile.
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Figure 44. Displacement under 10-kip lateral load.
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Figure 45. Pile moment at 10 kip lateral load.
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Figure 46. Displacement at collapse lateral load.
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Figure 47. Pile moment at collapse.
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Figure 48. Displacement of 10-inch square pile
in medium sand and soft clay.
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Figure 49. Moment in 10-inch square pile in medium sand and soft clay.
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Figure 50. Pile displacement for 4 borings.
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Figure 51. Pile moment for 4 borings.
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Figure 52, Pile model showing nodes and elements.
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Figure 53. Pile moments at 3 lateral loads.
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Figure 54. Pile deflection at 3 lateral loads.
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Figure 59. Pile moments at 3 lateral loads.
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Figure 60. Pile deflection at 2 lateral loads.
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Figure 62. Pile fundamental mode shape.
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Vertical Force
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EEEE————
—\C
Pile
p-y - lateral soil resistance
t-z - axial pile-soil friction
) S—

q-w  -end bearing

Figure 71 . Vertical pile in soil showing restraints.
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Figure 72 . Batter pile in soil showing restraints.
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APPENDIX

Actual Lateral Load Tests On Piles
And Comparison To

Calculated Results
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API Equations and
Lateral Load Tests On Piles

As engineers we are required to use the best available technology in design of
structures. The technology presented in this report does that. It is important that we
realize that response of structures in soil have the potential for high variability. This
appendix will present results of studies conducted as part of this task which show the
accuracy of current analytical procedures.

Sands

A sensitivity analysis was performed in which the parameters of friction angle and
density used in the API sand equation were increased by 20 percent, Figure A-1. As can
be seen the friction angle has a greater influence on the p-y curve. O’Niell and
Murtcheson (1983) performed a series of sensitivity variations on a pile shown in Figure
A-2. The deflection of the pile is influenced to a greater extent than the pile moments by
variation in soil properties.

Lam and Cheang (1995) review soil - pile interaction. They note that the API
equations for sand assumes the ultimate passive pressure and elastic stiffness increase
linearly with depth. The suggest that this is valid for ultimate pressure, but overly stiff for
elastic slope. The maximum shear modulus tends to be proportional to the square root of
depth or confining pressure rather than depth directly. They note that under cyclic loading
many researchers note a dynamic gapping effect which leads to softer pile response. They
also suggest a pile diameter effect such that the API equations are too soft for larger
diameter piles.

The accurate computation of lateral deflection is of significant interest. Actual
lateral load tests on full scale piles were performed and reported by Morrison and Reese
(1988). The lateral load test was performed on a 10.75-inch diameter steel pipe pile
driven in to clay. The upper 10 feet were replaced with a compacted saturated SP sand.
The soil had an average dry density of about 98.5 Ibs/cu ft, a friction angle of 38 degrees.
The buoyant weight was approximated from the dry density. The friction angle was
determined from cone penetration test results. Figure A-3 shows the test pile section. .
Strain gages were placed on the pile to measure bending moment. A polynomial function
was fitted to the measured bending moments using the method of least squares. The
polynomial was integrated twice to obtain the deflection and differentiated twice to obtain
the soil resistance. Figure A-4 shows the p-y pile curves based on calculations from the
test pile data based on these measurements.

A finite element analysis was performed of the basic pile loaded laterally by static

horizontal force. The p-y curves based on the measured data shown in Figure A-4 were
used to establish the properties of the soil springs. Figures A-5 and A-6 show the
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computed pile deflection and bending moment in comparison with measured results.
Agreement is excellent. The conclusion is that given the accurate p-y data upon which to
establish the soil spring properties, the basic finite element model consisting of beam
column elements representing the pile and bilinear springs representing the soil is capable
of accurately predicting pile behavior.

O’Neill and Murtcheson (1983) report two case studies of piles in sand, the
Mustang Ranch study and the Arkansas River study. Figure A-7 shows the Mustang River
pile geometry and soil properties. Figure A-8 shows the comparison between the
computed and the observed deflection of the pile at the measured location. Computed
results in this case underestimate observed deflection. A sensitivity analysis was
performed in which the stiffness and yield strength was varied individually. The stiffness of
each of the soil elements was reduced by 10 percent; deflections at the reference point
increased by 1.5 percent ( peak values 1.40 to 1.42 inches). A 10 percent reduction was
made in the yield strength of each soil element; a 7 percent increase was noted in the
reference deflection (peak values 1.40 to 1.50 inches). Based on these observations a trial
was run in which both the stiffness and the yield strength were reduced by 50 percent.
deflections increased from 1.4 to 2.5 inches at the reference point at peak load or about 78
percent. To match the observed results a reduction in both yield strength and stiffness of
40 percent from the original values determined by the API equation is estimated.

Figure A-9 shows the geometry and the soil properties for Arkansas River study,
Figure A-10 shows a comparison of computed and the observed deflection at the
measured location. In both cases the calculated results were based on the p-y curves
determined using the API equations for sand. Both studies show that the comparison to
test data is only approximate and that in one case the calculated results under-predict the
measured and in the other they over-predict the measured results.

Clays

A sensitivity analysis was performed in which the soil properties used in the API
clay equation were increased by 20 percent. Figure A-11 shows the results; the pile
response is sensitive to variations in cohesion.

Reese et al (1988) conducted full scale lateral load test on piles in clay. Figure A-
12 through Figure A-16 give the soil properties of the site. Figure A-17 shows the
computed p-y curves as a function of depth for the soil reaction in the clay. Figure A-18
shows the p-y curves computed using the API equations. The is qualitatively acceptable
at a depth of 5 feet and greater. The actual curves based on the test data give lower yield
strengths than the API equations predict at shallow depths less than 5 feet.

Reese (1996) reports on work by Kerisel (1965) in which piles were instrumented

and tested in clay. A pile was selected for analysis. It had a length of about 20 feet with
approximately 3 feet extending above grade. The pile was formed by 2 steel sheet-pile
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sections welded together and had a moment of inertia of 306 inches®. The soil was
classified as a CH medium stiff clay with an undrained shear strength of about 18.5 psi,
total unit weight of 114 Ib/cuft. the pile was modeled using beam column elements and soil
bilinear springs. Based on the soil properties py curves were calculated and used to define
the soil spring stiffness and strength. A typical py curve is shown in Figure A-19a. Figure
A-19b represents a first trial at representing the multi-line py curve by a bilinear equivalent
system. This as seen by the results in Figure A-20 places too much emphasis on the high
load aspect of the curve and misses capturing the initial stiffer low load response. Figure
19¢ captures the initial low load stiffness accurately and also captures the yielding. As seen
in Figure A-20 the second calculation agrees more closely with observed test results. To
accurately capture the response of the pile under loading it is necessary to define the py
curves accurately over the range at which they will be loaded.
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2
E1=6x10° Ib-in

o
p =35
v =100 pct.
50'-0
4
24"
Case ) Y k Variation
Lb/cu ft Lb/cu in
1 35 100 80
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Figure A-2 . Variation of pile response with soil properties.
(After O’Neill and Murchison (1983))
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Figure A-3 . Test pile from Morrison and Reese (1988).
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Figure A-5 . Test pile from ref. WES GL88-1.
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Load at Pile Top (kips)

Figure A-6. Load - displacement for test pile, WES GL88-1.
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Figure A-10 . Arkansas River pile test.
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Figure A-11. Sensitivity of API clay equation.
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Figure A-13 . Undrained shear strength.
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Figure A-14 . Near-surface undrained shear strength.
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Figure A-15 . Unit weight as a function of depth.
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Figure A-16 . Strain g5 as a function of depth.
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Figure A-17 . P-y curves based on test observations for pile in clay.
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Figure A-18. Computed p-y curves from APl equations
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Figure A-20. Bagnolet pile case 3.
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